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ABSTRACT

,

This report presents an analysis of the results of the tests

described in the EERC Report No. 76-8. In Chapter 1,a comparison of the

critical tensile strengths obtained from the double pier tests with those

obtained from a simple diagonal compression test on a square panel is

presented.

The report also contains idealized hysteresis envelopes developed

from the experimental results for the two primary modes of failure

observed in the test series. Also included in this chapter, are

theoretical methods for calculating the ultimate shear and flexural

capacities of the piers. The capacities obtained from the theoretical

methods are compared with.the experimental results: good agreement is

obtained for the flexural capacity whereas the n.ethod used for the shear

mode of failure overestimates the experimentally determined values.

Finally, comparison of the results obtained in this test program,

with those of other investigations is given.

I
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1. EFFECT OF TEST TECHNIQUE ON SHEAR STRENGTH

1.1 Introduction

One of the more important parameters required for the design of

masonry structures is the shear strength of masonry walls. At present,

most building codes use an allowable design shear strength for masonry

that is related to the compressive strength, f', of a prism. In the
m

Uniform Building Code the allowable design shear strength for squat

reinforced walls is 2.0 s/E[ with a maximum value of 60 psi for uninspected

masonry and 120 psi for inspected masonry. Since it is possible for an

assemblage with little or no shear strength to have a significant

compressi 7e strength, the authors conducted a secondary test program to

examine an alternative method for the determination of the allowablo

shear strength of masonry walls.

The method selected for investigation has been used quite ext. n-

sively in test programs performed by Blume , Borchelt , Degenkolb(

and Yokel and Fattal(4) and is shown in Fig. 1.1. It was modified

towards the end of the test program to give another method for use in

this correlation study. The modified test setup is shown in Fig. 1.2.

The objective of the secondary test program was to obtain a

correlation between the results obtained from simple diagonal compressive

tests and those from the more realistic double pier tests. The parameter

chosen to measure the correlation was the critical tensile strength,

For each set of two double pier test specimens described in Volume 1(

at least two 32 in. x 32 in. (81cm x 81cm) square shear panels were

constructed with the same masonry units, grout and mortar and at the

same time as the large double pier panels. For most of thi.s secondary

|
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test program, only the test setup shown in Fig. 1.1 was available; the
*

tert setup shown in Fig. 1.2 was used only in conjunction with the last

set of double pier tests.

The following two sections of this chapter o ~ ribe the two

diagonal compression test setups and the formulations used to determine

the critical tensile strengt1. of the test panels. The third section

describes the formulation used to evaluate the critical tensile strength

[ of the double pier tests while the fourth correlates the various sets of

results.

1.2 Diagonal Compression Test

i An overall view of the diagonal compression test setup is shown

in Figs. 1.1 and 1.3. Top and bottom shoes to apply the loading were

fabricated from 1 in, thick steel plates to form a 90 degree bearing

corner which transferred the vertical compressive force to the panel.

A four million pound Universal Testing Machine applied the load at a

j rate of approximately 8000 pounds per minute until failure. A typical

I failure of a test specimen is shown in Fig. 1.4.

Two different theoretical formulations have been used to calculate

the critical tensile strength of the panels. The first was used by.

IBorchelt and assumed that the compressive load P applied a uniform

shear stress along each side at the panel as shown in Fig. 1.5. The

critical tensile strength,a , was obtained from a Mohr's circle

formulation applied at the center of the panel such that

la \* a

ter (2/
_ _Ji (1,1)T,j _ji j2a =

2
!

where a is the applied compre'ssive stress, and T is the assumed shear

stress given by

T = P/(/2A) (1.2)

. - - . - - -
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in which P ir the applied ccapressive load and A is the area of one side

of the square panel.

Blume in his test progran used a more exact formulation based
4

ca analytic and photoelastic studies performed by Frocht on an homo-
:

geneous square panel. The critical tensile strength obtained from

Blume's work is

,/ (0 \2 f a)
-I(0.832T+ 15I= y2.422T ,{ _ji |2 (1.3)0

2/(2)ter

where T and 0 are as defined above.c

1.3 Modified Diagonal Compression Test or Simple Shear Test

Borchelt's formulation of Eq. (1.1) ar,sumes a uniform shear force

I along each side of the panel. In order to induce this state of stress

as accurately as possible the simple diagonal compression test arrange-

ment was modified as shown in Fig. 1.2. The objective of the modification

,
was to provide another test method capable of measuring the critical

!

tensile strength. Inherent in this objective is acknowledgement of

the fact that the complex state of stress induced at the corners of the

panel in the simple diagonal compression test does not adequately

represent Borchelt's assumed boundary force distribution shown in Fig.

1.5.

The initial test setup used for the modified shear test is shown

in Fig. 1.2. One inch steel plates shown in Fig.1.6 were attached to

each face of the panel with epoxy cement and were connected by a 1-5/8

in. diameter hardened steel pin to the loading plates (see Fig. 1.7).

j The compressive load P app?ied to the top and bottom plates is transferred

to the epoxied plates by the mechanism shown in Fig. 1.7, so that a

shcar force of P//2 is applied to each side of the panel. To avoid
4

4

+- - - - - , _ _ - - - - - - -
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instability in the loading mechanism it is imperative that the top and

bottom loads P be perfectly aligned so that no external moment is

applied to the panel.

Because of the time required to oevelop the modified test setup

only one set of square panels was tested in this way. The mode of

failure shown in Fig. 1.8 indicates that in addition to the expected

diagonal crack a second crack was induced at the end of the loading

plate. This was attributed.to a slight rotation that occurred in the

panel towards the end of the test sequence. To prevent this stress

concentration the loading plates were then modified by the addition of
,

the plate shown in Fig. 1.6. This revised test mechanism will be

used for part of the follow up test program to be done on eighty

single piers.

The critical tensile strength established with this loading-

mechanism corresponds to the formulation of Eq.(1.1 ) .

1.4 Critical Tensile Strength of Double Pier Tests

In order to estimate the critical tensile strength of the piers

that failed in the shear mode during the double pier test , :ogram (

three assumptions were made: (1) A point of inflexion was assumed at

the mid-height of the pier, (see Fig. 1.9). (2) Each pier was

assumed to resist half of the applied shear load, and the shear stress

distribution across the width of the panel was assumed to be parabolic.

(3) The compressive load acting at the center of each pier was modified
;

by the axial forces induced by the overturning moment acting on the,

panel, as shown in Fig. 1.9.

-- - - .
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With tho.se assumptions the critical tensile strength, o , ofg

the double pier was calculated from the stress state at the center of

the pier by a Mohr's circle formulation similar to Eq.(1.1),such that

(1.5T) 2 , (_O' ) 2, _ji
0'

ji | (1,4)O =
ter 2) 2

where

T = P/2A

is the average shear stress, P is the shear load applied to the full

9

panel and A is the area of one pier. O is the modified compressive

Ph
stress and equals (F 7-- )/A, where Fb is the direct compressive load

b

on one pier and h and L are defined in Fig. 1.9.

1.5 Discussion of Test Results

Each set of double pier panels and the associated square speciumns

were constructed and cured under the same conditions. All panels were

IIconstructed to the same specifications, as given in Volume 1 .

Because each of the nine sets of panels were built at different times,

the grout, mortar, and prism strengths varied according to normal work-

manship; the measured values are given in Table 2.1 of ?olume 1.

The results of all simple diagonal compressive tests performed on

the square specimens are given in Table 1.1. Both the shear stress

obtained from Eq. (1.2)and the critical tensile strength obtained from

Eq. (1.3)are tabulated. The range of the critical tensile strength is

from 181 psi to 316 psi with an average value of 257 psi and a standard

deviation of 60 psi. For the purpose of comparison, the maximum

standard deviation obtained from fou identical panels in the extensive

Blume test program on clay brick square panels tested in a similar

manner was 48.6 psi.
,

_ _ - - _ _
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The critical tensile strength of the double pier panels obtained

from Eq.(1.4)is given in Tabic 1.1. The range of the values is 116,

psi to 386 psi with an average value of 228 psi and a standard devi-

ation of 75 psi. A comparison of the average values of the critic-1

tensile strengths (228 psi and 257 psi) from the two different types of

tests is encouraging. However, when the range of the results and the

standard deviations are considered, a wide scatter of values is

i evident.

To compare the asults of tests performed on corresponding panels,
i

the quantity designated Ratio 3 of Table 1.1 was computed by taking the

ratio of the critical tensile strength of the square panel to the

critical tensile strength of the double f er panel. This ratio variedi

from 0.70 to 1.97, with eight of the thirteen test ratios being within

i 35 percent of the value of one. Ratio 2 of Table 1.1 was computed

by taking the ratio of the average value of the critical tensile;

i

strength of all square panels (257 psi) to the cricical tensile strengtn

of each double pier panel. In this case the ratio varied from 0.67 to
,

2.20 with nine of the thirteen test values being within i 33 percent
,

i of one.

The only two tests performed with the modified mechanism of Fig.

1.2 gave a critical tensile strength of 156 psi which is considerably
I

lower than the average value (257 psi) obtained with the original

system. However, as was noted earlier both test panels tended to

rotate slightly towards the end of the test and failure may have been
:

induced by this rotation.
!-

d Because the objective of the series of tests reported in this
i

; chapter was to examine alternative simplified methods of determining

i. _ . . .- - - . - . - - -- -- -- - - - - -
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i

the shear strength of masonry walls, the authors are encouraged by the

comparison of the average values _cf the critical tensile strengths
I

obtained from double pier und simplified tests; at the same time,

however, they are disturbed by the wide scatter of the results. Both

of the test methods described in Sections 1.2 and 1.3 will be used in a

follow up study on eighty single piar specimens, and at the conclusion

of this extensive test series it is hoped that'a more reliable simplified
~

test method of evaluating the shear atrength of walls can be recommended.
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TABLE 1.1

COMPARISON OF CRITICAL TENSILE STRENGTHS FROM
DOUBLE PIER AND DI AGONAL COMPRESSION TESTS

Double Pier Tests Diagonal Compression Tests
| Averar,e

Critical Ultimate Average Critical

Ultimate Tensile Shear Stress Ultimata Tensile

Bearing Shear Strength of Square Shear Strength Ratio 1 Ratio 2

Test Frequencf Vertical Horizontal Stress Stress from Eqn.1.4 Panels (psi) Stress Eqn.1.3 see see

No. (cps) Re-bar Re-bar (psi) (psi) (psi) Eqn. 1.2 (psi) (psi) Note 1 Note 2

1 0.02 2-06 --- 250 135 160 4 06 1.87 1.60
409 300

2 3 2-#6 --- 250 173 249 413 1.20 1.03

3 0.02 2-#4 --- 125 142 234 331 1.35 1.10
431 316

4 3 2-94 --- 125 135 197 530 1.60 1.30

.* 0.02 2-#6 --- 0 107 232 369 1.13 1.10
357 262 -

-

6 3 2-#6 --- 0 133 284 345 0.92 0.90
CD

7 0.02 2-#6 3-05 250 212 318 400 0.96 0.85
467 417 306

8 3 2-#6 3-#5 250 252 386 388 0.79 0.67

9 0.02 2-46 --- 500 154 116 336 1.97 2.20
312 229

10 3 2-#6 --- 500 178 130 287 1.76 1.97

-

13 0.02 2-#4 3-97,2-#5 125 151 259 278 0.70 0.94

247 181

14 3 2-04 3-#7,2-#5 125 150 257 215 0.70 1.00

2
17 3 --- --- 250 123 142 258 189 1.33 1.81

|
2 = 228 'l = 352 E - 257

0 = 75 0 = 82 a = 60
NOTES:

Ratio 1 is the ratio of Average Critical Tensile Strength of the square panels obtained from F.q.1.3 to the(1) critical Tensile Strength of the corresponding double piered panel obtained from Eq. 1.6.

(2) Ratio 2 is the ratio of the Average of the Critical Tensile Strengths of all square panels (257 psi) to the
critical Tensile Strength of the double piered panel.
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2. IDEALIZED HYSTERESIS ENVELOPES FOR THE DOUBLE PIEW

2.1 Introduction

The ultimate objective of the ongoing masonry research program

of which this test series is a part, is to develop the capability of

performing an inelastic response analysis of multistory masonry

buildings subjected to earthquake ground motion. The approach being

followed is similar to that used for reinforced concrete and steel

buildings. That is, the inelastic behavior of typical structural

components is determined experimentally and from these experimental

results idealized inelastic models are developed which adequately

describe the behavior of the components. At a later date the models will

be incorporated into an inelastic analysis computer program thus

enabling the ultimate objective to be achieved.

The objective of this chapter is to present models of the

h steresis envelopes determined from the experimental behavior of the/

piers observed in the test series described in Volure 1 of this report .

The niers had a height to width ratio of two, and until additional tests

are performed on piers with other height to width ratios the models

presented herein can be considered valid only for these piers.

Furthermore, the hysteresis envelopes are idealized from a displacement

controlled test of grTdually increasing magnitude; therefore, future

tests are necessary to validate these results for loading that is more

random in nature.

In idealizing the experimental curves, several variables must be

evaluated from the test results. These include the envelopes of the

hysteresis loops, the ultimate or maximum strength of the pier and the

stiffness parameters defining the various stages of the hysteresis
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envelopes. Each step in tti idealization process is discussed in the

following sections of this :hapter. The final step will be the develop-

ment of a set of curves to model the actual cyclic behavior, but this

will be done after the single pier test program has been completed.

2.2 Shape of Idealized Hysteresis Envelopes

The first step in developing a model for the hysteretic behavior

of the piers is to develop the hysteresis envelope. The (xperimental

hysteresis envelopes for the seventeen piers are presented in Figs. 4.37

to 4.40 of Volume 1. Figure'4.36 of that report also identifies four

classifications for the modes of failure observed in the tests. These

include the shear mode of failure (A) observed in Tests 1, 2, 5, 6,

7, 8, and 17; the shear mode of failure with vertical cracks (A'),

observed in Tests 9-12; the combined shear and flexural mode of failure

(B) observed in Tests 3 and 4; and the flexural mode of failure (C)

observed in Tests 13-16. Two models for the hysteresis envelopes are

developed to represent the four types of failure modes, since the

model for shear failure modes A. i' and B are similar, with the only

difference being the ductility developed at the maximum load. The

proposed hysteresis envelopes for the two models are presented in a

general format and then the stiffness parameters associated with various

sections of the envelopes are determined from the experimental curves.

2.2.1 General Form of the Idealized Hysteresis Envelopes

(a) Shear Mode of Failure - Types A, A' and B

This envelope form is presented in Fig. 2.l(A) and is the simpler

of the two. The initial stiffness indicated by line OA is K ; this is

maintained until 50 percent of the peak ultimate strength is attained at

. _ - _ _ _ _ - _ _ _ _ _ _ _ _ _ _ - _ _ _ - _ - _ _ - _ _ _ _
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a displacement d . This segment of the model envelope is introducedy

to simulate the stiffness of the pier in the low load region. As may

be seen in Figs. 4.42 and 4.43 of Volume 1, the stiffness degradation

from 0 to 0.5 P is substantial and any attempt to idealize the stiff-

ness in this range will produce a wide scatter of results when compared

with experimental results. However, it is important that the idealized

model have a reasonable approximation to the pier stiffness properties

in this region. Segment AB has a stiffness of K and this is main-e2

tained until 90 percent of the peak ultimate strength is attained at a

displacement d . The segment BC represents the portion of the curve
2

over which the maximum load is maintained. The ratio d /d is equivalent
4 2

to the ductility indicators 6 and 6 associated with the average peak
2

load described on page 51 of Volume 1( '. Line CD intersects the

displacement axis at d . The major difference among failure modes A,
5

A' and B is the magnitude of the ratio d /d and d * #* * *

2 4 5

Volume 1, d /d ranges from 1.45 to 1.85 for A and B and 2.1 to 5.1
2 4

for A'. Furthermore, d f r A is between 0.7 and 1.0, it is approx-
5

imately 0.8 for B and it ranges between 0.45 and 0.55 for A'.

- (b) Flexural Mode of Failure - Type C

This envelope form is nresented in Fig. 2.l(B) . The initial

segment of the curve OA has a stiffness K which is maintained up to
el

a load p at which 1-lexural cracks occur at the toes of the piers.
BC

These cracks are due to a bond failure caused by moment induced tensile

stresses at the toes. The stiffness then decreases to K f r the seg-
e2

ment AB. K defines d by its intersection with a load of 0.9 P ,

e2 2

where p is the flexural yield load discussed in Section 2.3. The
Y

stiffness then changes to K f r the portion of the curve BC between
e3

.
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,
,

4

0.9 P and 1.0 P . Segment CD represents the portion of the curve over
Y Y

; which the maximum load is maintained, and the curve DE intersects the

displacenent axis at d '
5

The format of the preceding idealized hysteresis envelopes is

presented in a manner such that they could be generated for piers for

.
which no tests have been performed. In order to do this, values of.Fu,

!

the various K values, d and ratios d ! # !
5 2 4 3 4

i
' established either by calculation or from data generated from experiments.

-

Section 2.3 discusses th9 comparison between theoretical and experimental
,

I

values of P and the following section presents experimentally deter-

mined values of K,.
'

2.2.2 Stiffness Parameters of Idealized Hysteresis Envelopes

The three stiffness parameters K,y, K and K e ned in Fig.e2 e3

2.1 are important in defining the shape of the hysteresis envelope.

; Furthermore, together with their corresponding loads they define the

displacements d , dj and d . The objective of this section is toy 3 ;

determine from the test results the various K /K ratios of Fig. 2.1,

e o-

(A) and (B) where K is the initial stiffness of the pier calculated -

o
'

assuming the pier is fixed against rotation at both top and bottom.

As illustrated in Table 5.1 (page 78) of Volume 1, the range of
4

the measured stiffness at an applied shear stress of 20 psi for the,

i

; fully grouted walls is 415 to 605 kips /in. with an average value of
i

488 kips /in. If the piers are assumed to be fixed at the top and bottom

such that the point of inflexion is at the nid-height of the piers, the
i

total deflection A due to an applied load P may be estimated from
i
-

3
PH 1.2PH

A =
12EI GA

E"- 7 "'. .re- -- =-- _-_____- _ _
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1

where H is the height of the pier, E and G are the clastic and chear

moduli, respectively, I is the moment of inertia and A the cross

sectional area. The average value of E obtained from uniaxial prism tests
3

6
was 1.14 x 10 psi. If Poisson's ratio is assumed to be 0.15 then

6
G = 0.5 x 10 psi. The initial clastic stiffness K calculated from these

, o

easily measured properties is

P 1
464 kips /in. (2.2)K g= 3

= =
g

H 1.2H
12EI GA

4

where H = 64 in., d = 5.625 in, and b = 31.625 in. For the partially
i

grouted piers (Test Nos. 11, 12), the center two cores are ungrouted and

the corresponding calculation gives K = 392 kips /in,
o

For comparison the average value of K , the stiffness indicator
7

obtained from the fully grouted test results at an applied shear stress

of 20 psi was 488 ksi (Table 5.1, volume 1, Tests 1-10 and 13-16) .
i

The average value of K for the partially grouted test results at an
7

; applied shear stress of 20 psi was 425 kips /in. (Table 5.1, Volume 1,

! Test 11 and 12). Thus, the calculated values are within 5 percent of
,

the average of the experimental values for the fully grouted piers and

8 percent for the partially grouted piers.

The idealized hysteresis envelope for the shear mode of failure

shown in Fig. 2.l(A) contains two stiffness parameters, K and K 2'
.

I associated with the loads 0.5 P and 0.9 P , where P is the maximum
' u u u

ultimate shear load. The' stiffness K,g associated with the load 0.5 P

was determined from Fig. 4.43 of Volume 1 at 0.25 P . The value of 0.25>

was chosen because the stiffness degradation from zero up to-0.5 P is

almost linear and therefore, the value at 0.25 P is a reasonable

,

, __ _ . _ __. _ _ _ _ -. _ _ _.
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; average of the values between the loads of 0 and 0.5 P , The value

] of K was also determined from Fig. 4.43 of Volume 1 at a value of
e2

0.9 P . The values of the ratios K y/K , K /Ko ""d d /d 'and the2 4 2

displacements d which werc also from the test results of Fig. 4.43 of
5

Volume 1 are listed in Table 2.1.

As expected for this mode of failure there is significant variation

in all the tabulated values. Before an average of these variables is

used in a computer model to determine the overall response of a building

to earthquake ground motion, a sensitivity study would have to be perfor-

med to determine what effect the range of each variable has on the

overall building response.

The average value of each variable is given at the bottom of

each column. Moreover, the average stiffness is also given with the

.

results of Tests 9 and 10 removed; and the average ductility is given

when Tests 11 and 12 are removed. This was done because Tests 9 and '1

had stiffness values much greater than all other tests, whereas Tests

11 and 12 had ductility values much greater than all other tests.

The idealized hysteresis envelope for the flexural mode of failure,

(Tests 13-16) shown in Fig. 2.l(B) contains three stiffness parameters

and K associatad with three loads P 0.9 P and P PKel, Ke2 e3 BC, y y BC
.

is the load at which flexural cracking occurs at the toes of the piers

due to a bond failure caused by moment induced tensile stresses,and

P is the flexural yield load of the pier and is discussed in Section
Y,

{ 2.3. The values of the three stiffness parameters, the ratios K /K ,
el o

K /K , K !o an d /d as well as the displacement d5 "#* 9 **" '"2 o e3 4 3

Table 2.2.

The ranges of the variables associated with this mode of failure

.. - _..
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are not nearly as great as those for the shear mode of failure and,

hence, a model based on the average values given at the bottom of the

respective columns should be reasonably accurate.

2.3 Methods of Predicting Shear and Flexural Strength

To determine the ultimate strength of a particular test specimen

1

or subassemblage, the strength associated w1 h each possible mode of

failure must be calculated. The mode of failure with the lowest strength

will govern the ultimate strength and failure mechanism of the sub-

t

assemblage.

The state of the art report by Mayes and Clough( ' presented

several methods of evaluating the shear strength of a wall or pier. Each

j of these methods assumed the shear strength to be affected by certain

!

primary variables: compressive load, aspect ratio, amount of rein-
1

forcement, mortar strength and tensile strength of the combined

materials. Each of the theoretical and empirical relationships given

for predicting the strength in shear (1, ?, 7,13, 21-24, 29) s sses

different degrees of accuracy. In contrast, the methode suggested for

predicting the strength in flexure (7, 10, 14, 17, 18, 28, 29) were.

similar and reasonably accurate, and were based on methods commonly used

for reinforced concrete flexural elements. The method selected here
i

{ for evaluating the ultimate strength in the shear mode of failure

is based on the critical tensile strength of the element. The method

used for predicting the strength in the flexural mode of failure requires

knowledge of the yield strength of the vertical reinforcement and is

similar to that used by others.

|

'
-, __ -- - - _ __ _ _
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2.3.1 Strength in the Flexural Mode of Failure

In order to determine the flexural capacity of the double pier

panel, a point of inflexion is assumed at the mid-height of the piers
, ~

and the compressive load at the center of each pier is modified by the

axial forces induced by the overturning moments, (Fig. 1. 9) . A

flexural mode of failure assumes yielding of the vertical reinforcement

which in this case is at the jambs of each pier.

The mechanism of the flexural mode of failure can be explained

with the aid of Fig. 2.2. The strain diagram of a pier is shown in Fig.

2.2(a) and the stress-strain curve of the steel is shown in Fig. 2.2(b).

As the vertical steel yields the strain c, of Fig. 2.2(a) gradually

increases with a resultant decrease in the area of masonry under com-

pression. The limiting state is attained when the area of masonry under

compression is unable to resist the compressive forces required for

equilibrium at Section AA of Fig. 2.2(a). The steel strain at this

limit state will be between C and c and therefore the stress in they u

vertical reinfercement will be between f and f
it*

From the free body diagram shown in Fig. 2.3, taking moments about

A and A' separately and then adding them, the flexural capacity of the

panel is

f \ I Ph f Phg 1 b 3A f b' +P +P
2j| (N + j 7 + A f b' + j7 (2.3)N-"

2 sy

J

Therefore,

-

= b- .A f b' + b N (2.4)P .

y H sy 2
-

-

e - -
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If the ultimate stress of the steel is used, then

Af b' + NP (2.5)*=
s ult

It should be noted that the steel in both piers would not be

expected to reach the ultimate stress at the same time because of the

differences in the vertical load.

These formulae assume that the moments resulting from the compressive1

stress block with the strain distribution of Fig. 2.l(a) are negligible.

The values of P and P were obtained from Eqs. (2.4)and (2.5)and are
y u

presented in Table 2.3 for Tests 3, 4, 7, 8 and 13-16. The values given

in the table are half the loads (P and P of Eqs. (2.4)and (2.5) ) applied
y u

to the full panel. This is consistent with the results presented in

Table 4.1 of Volume 1, in which it is assumed that each pier resists

half of the applied load. It is clear from Eq. (2.3)and Fig. 2.3 that

this is not the case when the flexural capacity of the pier is

calculated since the pier with the greater compressive load resists a

larger lateral load. However, because the applied load is cyclic,

comparisons of experimental and theoretical values based on half the total

load (P and P of Egs. (2.4)and (2.5) )are valid.
y u

A comparison of the experimental and theoretical values for each

of the tests is also presented in Table 2.3. It was noted in Volume 1

that Tests 3 and 4 failed in a combination of the shear and flexural modes

of failure, and that Tests 7 and 8 had ultimate shear strengths signifi-

cantly greater than the horizontally unreinforced panels. The comparison

of the experimental ultimate load (P) of Tests 3 and 4 with the theo-

retical yield load (P ) indicates that the piers never quite attained

their flexural capacity and therefore should be considered to have failed

in the shear mode. A similar comparison for Tests 7 and 8 indicates that
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i the piers only attained 50 percent of their flexural capacity and thus

their increase in shear strength is due solely to the effect of

horizontal reinforcement.

f-- for Tests 13 and 14 indicates that the piers almostThe ratio
y

attained their flexural capacity and because diagonal shear cracks did

not form in the piers, it can be assuned that they exhibited a flexural

mode of failure.

The ratio f-- for Tests 15 and 16 (which contained plates in the
y

mortar joints at the toes of the piers) indicates that significant

The ratio fu- was 0.95,yielding of the vertical reinforcement occurred.

indicating that the vertical reinforcement almost reached its ultimate

stress f . This is consistent witn the assumption stated after Eq. (2.5).

In summary, the methed used for calculating the flexural capacity

of the piers was capable of defining both the yield and ultimate flexural
,

capacity of the piers, and the comparison with the experimental results

indicates good agreement. This is consistent with the conclusions of
i

4 other investigators.

2.3.2 Strength in the Shear Mode of Failure

Feveral theoretical and empirical relationships are available in the

, 13, 21-24, 29)literature (1, ,
for predicting the ultimate strength

1
'

of piers in the shear mode of failure. Each possesses different degrees

of accuracy and generally contains a significant amount of sc&tter in

correlation with experimental results. Several different test tech-

niques were used in the development of these methods and most of the

test specinens considered were unreinforced. The availability of

several different methods indicates both the difficulty of the prediction

and the lack of an accepted metnod for predicting the ultimate shear

. . _ . _ - - .
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strength of a masonry pier.

One of the major questions arising from the double pier test results,

as well as from studies performed by others, concerns the effect of
i

horizontal reinforcement on the ultimate strength in the shear mode

1 of failure. It is clear that horizontal reinforcement is not effective
:

!

until micro or major diagonal cracking has occurred; however, the

principal question is to determine how the reinforcement and masonry

pier interact after the initial crack has developed. A summary of results

presented in the state of the art report by Mayes and Clough(28) indicates

that there is no correlation between shear strength and the amount of

horizontal reinforcement. However, Priestley and Bridgeman's '

extensive study on cantilever piers indicates that a sufficient amount,

; of horizontal reinforcement can completely suppress the shear mode of

failure. Because of the lack of consistency in the test results

available to date the effect of horizontal reinforcement on the shear

mode of failure will be extensively studied in the single pier test

program.

The methodology being evaluated for calculating the ultimate

! strength in the shear mode of failure (to be used in this and later in

the single pier test program) is based on the critical tensile strength,_

of square panels. The method has been presented and discussed in

Chapter 1, where a comparison of the critical tensile strengths obtained

from the piers and the small square panels is presented. It should

be noted, however, that the method as presented in Chapter 1 does not

account for the effect of horizontal reinforcement.
|

Equation (1.4)of Section 1.4 presents a formula fcr calculating the

critical tensile strength of piers failing in shear based on the results

of the double pier tests. The assumptions used in this derivation are

--. - . _ -
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discussed in Sectior.1.4. By rearranging Eq. (1.4)a formula for

calculating the ultimate shear strength of a pier can be derived as a

function of the applied compressive load and the critical tensile strength

of the pier. In this method the critical tensile strength is obtained

from the square paael tests described in Section 1.2. The formula
s

is

I 'I1 2
T= 1 0 + 0

1.5 ( ter ter ej|0 (2.6)

where T is the ultimate shear stress of a single pier of the double pier

panel, a is the compressive stress and 0 is the critical tensile

stress obtained from the square panel tests. For the double pier tests

o is a function of both the initial applied compressive stress a and

the applied lateral load as shown in Fig. 1.9.

ff1 i (2. 7)a =

4 where P is the lateral load applied to the panel. In terms of the

critical single pier

a' h
=0 - 2T g (2. 8)

Therefore, to solve Eq. (2. 6)for T an iterative solution must be used.

Tabla 2.4 presents the results of the calculated ultimate shear

stresses obtained from Eq. (2.6)and compares these with the experimental

average peak ultinate stress (T ) values. Included in the tabulationm
,

'are the ultimate shear stresses (T ) calculated using the a results

of the square panel tests that correspond (same mortar, grout and

constructed at the same time) to each set of double pier tests, as well

as those T that correspond to the average a value from all the

square panel tests.

_ _
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It is clear from Table 2.4 that, in general, this method over-

estimates the value of the ultimate shear stress given by the experi-
! T T

mental test. The variations in the ratios and "" reflect both the<

m m

variation in the experimentally determined values of a of the square

panel results as well as the variation in the sets of double pier results.
'

T
*

Seven o.' the eleven values of the ratio which are based on the
7

i "
*

average value of all square panel tests, are within 25 percent of one.

To obtain a better evaluation of this method, it is clear to the authors

that better control over the mortar and grout strengths is necessary

in future tests to eliminate this variation.;

!

I

'

,
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TABIZ 2.1

EXT'ERIMDrTAL STIFFNESS AND DISPLACEMENT VALt'ES OF HYSTERESIS
ENVEIDPES FOR WE SHEAR MODE OF FAILtJRE

# ' ( '
2
'#" dat 0.9 P (2) K K 4

Test Experimental "e l at 0.25 P,(2) K,y
u

5u Table 4.1
No. (kips) (kips /in ) (kips /in) o o of Vol. 1 (in.)

1 26.0 430 270 0.93 0. 58 1.55 0.59

2 33.2 4 70 270 1.06 0.58 1.55 0.53

3 27.3 410 180 0.88 0.39 1.50 0.77

4 26.0 440 130 0.95 0.28 1.80 0.83

5 20.5 420 200 0.91 0.43 1.55 0.65

6 25.5 440 210 0.95 0.45 1.85 -0.71

7 40.7 510 210 1.10 0.45 1.50 0.70

8 48.4 520 130 1.12 0.28 1.45 0.85
-

9 29.5 545 420 1.17 0.91 2.10 0.64

10 34.1 575 410 1.24 0.88 2.80 0.51

11 20.0 435 260 1.11 C.66 3.90 0.56

12 21.8 410 270 1.04 0.69 5.10 0.65

17 23.7 410 170 0.98 0.37 1.60 0.50

i = 0.9) E = 0.50 i = 2.16 i = 0.65
without 9610 without 9s10 without11612

i = 0.95 i = 0.45 i = 1.75

NOTES:

II
K = 464 kips /l*. for fully grouted piers.

8t, = 392 kips /in. for partially grotted piers.

I ' The values of K,g and Ke2 ' #* ** '" #" I" * * *

- - _ _ _ _ _ _ _ - _ _ _ - - _ _ _ _ _ - _ _ _ _ _ _ _
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TABLE 2.2

I
EXPERIMENTAL STIFFNESS AND DISPLACEMENT VALUFE OF HYSTERESIS

ENVEIDPES FOR THE FLEXURAL VDE OF FAILURE

BC u (1) (1) (1) K K K
Test Experimental Experimental el e2 e3

K K K d /dNo. (kips) (kips) (kips /in.) (kips /in.) (kips /in.) o o o 4 3 (in.)

13 20.4 29.1 205 120 75 0.44 0.26 0.16 1.8 1.0
i
,

14 19.3 28.8 230 125 105 0.50 0.27 0.23 3.1 0.9

15 20.5 35.2 230 130 70 0.50 0.28 0.15 2.5 1.5 U

16 21.8 36.2 240 160 65 0.52 0.35 0.14 3.4 1.3

E=0.49 E=0.29 E=0.17 E=2.7 5=1.2
>

NOTES:

The values of K and K are taken from Fig. 4.43 of Vbl. 1e2 .

K = 464 kips /in. for full grouted piers.
9

K = 392 kips /in. for partially grouted piers.g

_ - .. __
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TABLE 2.3

COMPARISON OF THE MEASURED AND CAICULATED STRENGTHS
FOR THE FLEXURAL MODE OF FAILURE

s y u c y u P P
Test Experimental Calculated Calculated P P

Y "No. (in ) (ksi) (ksi) (psi) (kips) (kips) (kips) (kips)

3 0.39 54.1 83.4 125 24 27.3 30.5 40.4 0.90 0.68
!

j 4 0.39 54.1 83.4 125 24 26.0 30.5 40.4 0.85 0.64

7 0.88 78.1 108.8 250 48 40.7 84.0 108.0 0.48 0.38 w
w

8 0.88 78.1 108.8 250 48 48.4 84.0 108.0 0.59 0.45

( 13 0.39 50.8 74.9 125 24 29,1 29.3 37.5 0.99 0.78
,

,

14 0.39 51.7 76.5 125 24 28.8 29.6 38.1 0.97 0.76

15 0.39 51.8 73.9 125 24 35.2 29.7 37.2 1.19 0.95

16 0.39 51.3 75.7 125 24 36.2 29.5 37.8 1.23 0.96

i

|
|
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TABLE 2.4
1

ULTIMATE SHEAR STPENCTH OF PIERS BASED ON THEi

CRITICAL TENSILE STRENGTH OF SQUARE PANELS

Measured Square Panel | Calculated Calculated
Applied Ultimate Critical Ultimate Shear Ultimate Shear
Bearing Shear Tensile Stress Using Stress Using

i Stress Stress Stress a (1) T Tg
t Test Vertical Horizontal ter

,

a (Psi) T, T,No. Reinforcement Reinforcement 0 (psi) T IE81) ter (Psi} c (E8i}T Tm

'

1 2-#6 --- 250 135 1.75 1.55
300 234 209

; 2 2-#6 --- 250 173 1.35 1.21

3 2-#4 --- 125 142 1.42 1.20,

'
- 316 202 171

'

125 135 1.50 1.27 y4 2-#4 ---

. 5 2-#6 --- 0 107 1.23 1.21
! 262 132 130

6 2-#6 --- 0 133 1.00 0.98
4

I 7 2-#6 3-#5 250 212 1.11 0.99

; 306 235 209
: 8- 2-#6 3-#5 250 252 0.93 0.83

-

I
9 2-#6 --- 500 154 1.64 1.75

229 253 270
10 2-#6 --- 500 ..d 1.42 'l.52

j

17 None --- 250 123 189 169 209 1.37 1.70

! -

NOTE:

I1I The average critical tensile strength of all the square panels was 257 psi.

1

.

_ . _ _ _ , . . .
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! 3. A COMPARISON OF DOUBLE PIER TEST RESULTS WITH OTHER I!WESTIGATIONS

3.1 Introduction

,
Because of the relatively small amount of research that has been

Performed on the cyclic behavior of masonry structural elements, it is

important to determine the consistency of the results obtained from the

few test programs that have been carried out. This chapter therefore,

! presents a comparison of the results obtained in the double pier test

program with results in the literature. Most of the results available

I and 75-21(28)prior to 1975 have been summarized in EERC Reports 75-15

and in Reference ( 2% . As noted in these references many differente

test techniques have been used in the studies performed to date, and

many of the early test programs used monotonic shear loads. These
,

factors are important when results from various tests programs are e

compared. The results for the effects of partial grouting, bearing

stress, rate of loading, reinforcement and the inelastic characteristics

of the structural behavior are compared in the following sections.

3.2 Effect of Partial Grouting

Four previous investigntions have considered the effect of grouting

on ?.he shear strength of masonry elements. Of these, Moss and Scrivener (4

and Schneider tested concrete block walls, whereas Blume(l and

Williams (16) tested clay brick walls. The results of the concrete

block tests tend to confirr the results obtained in the present double

pier test program in that for pseudo-static tests the net ultimate shear

strength of the partially grouted walls is approximately equal to that of
1

the fully grouted wslls. The main difference in the behavior of the

fully and partially grouted walls is in the rigidity of the walls. In

Schneider's tests the partially grouted walls exhibited a considerable

.

. __ . . . _ _ .._ - --+-+-~~---a
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lack of rigidity in the lower load region, and in the region between

first crack and ultimate load the increase in deflection was quite

rapid with failure occurring rather suddenly.

In the double pier tests the ultimate net shear stress of the pseudo-

static Tests 1 (full) and 11 (partial) are 135 and 132 psi, respectively.

In the higher frequency (3 cps) Tests 2 (full)' and 12 (partial) the

correeponding stresses are 173 and 143 psi, respectively. It therefore

appears that the higher frequency test increases the strength of the fully

grouted pier since the net stresses of Tests 1,11 and 12 are approximately

the same. Furthermore, the stiffness d(gradation of the partially grouted

walls observed by Schneider was not nearly as substantial in the double

pier tests (see Figs. 4.38, 4.42 and 4.43 of Volume 1( ') .

The results obtained by Blume and Williams for clay brick

walls are conflicting. Blume, using the test setup shown in Fig. 1.1,

concluded that fully grouted clay brfck walls had a substantially

greater ultimate net shear strength than partially grouted walls. The

ore comparative test that Williams performed with a cantilever test

setup produced approximately equal net shear stresses for the fully

and partially grouted walls. Because of the very different test

techniques used in these two test programs no conclusions can be drawn

yet, and the effect of partial grouting on clay brick walls will be

investigated further in the single pier test program.

3.3 Effect of Bearing Stress

The bearing load has been found to be an important parameter in

determining the shear strength of a masonry element in all investigations

that have considered it. In all cases the shear strength was found to

increase with an increase in the bearing load. In addition to its effects
;

on the strength of an element, the bearing load also affects the mode of

__ - _ _ _ _ __ _ _. _ __
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failure and post-elastic behavior of walls.

I1 I and Williama(lC) showed that identical valls withBoth Meli

bearing stresses of 125, 250 and 500 psi demonstrated flexural, trans-

itional and shear modes of failure, respectively. Their reaults

indicate that the ultimate strength increases and the ductility de-

creases as a result of the different modes of failure; this behavior

implies a beneficial effect in the elastic region and a detrimental

effect in the inelastic region.

In both the double pier tests and in priestley and BriIgeman's

tests (18) , the effect of the bearing load on the shear mode of failure

was investigated and the conclusions from both these studies are that

an incresce in bearing load both increases the ultimate shear strength

and improves the inelastic behavior. Figures 4.37, 5.2 and 5.3 of

I ' graphically illustrate this conclusion for the double piersVolume I

| with bearing stresses of 0,250 and 500 psi.

Williams and Meli did not thoroughly investigate the effect of

bearing load on the shear mode of failure and their generalization on

the effect of bearing load is not validated by either Priestley and

Bridgeman's results or the double pier test results. Clearly, because

of the importance of the bearing load on the behavior of piers and the

conflicting conclusions at present available, additional test data are

required on the effect of this important parameter.

3.4 Effect of Rate of Loading

Williams ( was the first to compare the effects of dynamic and

pseudo-static cyclic load tests on masonry piers. His four comparative

tests were performed with test frequencies below 1 cps. Three of the

four walls that he tested failed in shear and indicated similar results

_ _ _ _ _ _ _ .
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in both the pseudo-static and dynamic tests. For the one wall that

failed in the flexural mode, the dynamic test showed less desirable

inelastic behavior than the pseudo-static test. This led Williams to

conclude, contrary to the normally accepted opinion,that cyclic pseudo-

static test data may be inappropriate for use as a conservative basis

for the seismic design of reinforced masonry buildings.

The double pier tests did not support Williams' conclusion. For

the walls that failed in the shear mode the ultimate strength of the

pseudo-static tests ranged from as much as 23 percent less than to

approximately equal to the corresponding dynande (3 cps) test result.

Moreover, the shapes of the hysteresis envelopes (Figs. 4.37 to 4.40

of Volume 1) for the pseudo-static tests were less favorable than for the

corresponding dynamic tests. Hence, for the shear mode of failure the

double pier investigation indicates tlat the pseudo-static cyclic tests

do produce conservative results when compared to dynamic tests.

For the walls that failed in the flexural mode in the double pier

tests (Tests 13 to 16) there was little or no difference between either

the strength or the shape of the hysteresis envelopes for the corres-

ponding pseudo-static and dynamic loadings. This behavior is in contrast

with results reported from Williams' one test on a cantilever test

specimen; therefore, the results of the double pier tests can be

interpreted to give the opposite conclusion to that stated by Williams,

demonstrating that additional test data are requireu on this variable.

3.5 Effect of Reinforcement

The effect of reinforcement on the shear strength of a masonry

element has to be considered in conjunction with the mode of failure. ;

Until the paper presented by Priestley and Bridgeman in 1974, it was

widely believed that horizontal and vertical reinforcement were equally

. ..
.
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effective in developing the full shear strength of masonry, and that only

0.3 percent bd reinforcenent (where b is the width and d the thickness of

the wall) was required to achieve this. These conclusions were based

mainly on the investigations of Schneider and Scrivener
'

.
!

Priestley and Bridgeman's results disagreed with both of these conclusions.

They denonstrated that horizontal steel is approximately three times as

efficient as vertical steel in carrying the shear force across a diagonal

crack and that a larger quantity than 0.3 percent bd of shear steel is

effective in improving the ultimate shear capacity of masonry.

Priestley et al. have performed several extensive series of'

tests on cantilever piers and have shown that very desirable inelastic

behavior can be obtained with the flexural mode of failure. For

cantilever piers, it is necessary to provide sufficient shear strength

by means of horizontal' reinforcement to exceed the flexural strength,

using a capacity design approach. Priestley has recommended that the

total area of shear steel crossing a potes.cial 45 shear crack in a

pier be crticulated as follows:

o
(3.1)=7vvg 3

f

where V s de shear fom re@ed to hduce peldhg of all de vedcal
B

,
steel in the pier, $ is the' flexural undercapacity factor (recommended

f

as 0.7 for masonry desf gn), and $g is the flexural overcapacity factor

representing the ratio of maximum feasible flexural strength to ideal |.,

flexural strength based on nominal material strengths (recommended as

1.25 for 40 ksi steel and 1.4 for 60 ksi steel) . V s e shear force.

D

used to calculate the required area of horizontal steel, g , as follows:

D (3.2)g= f
sy

|
!
l
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where $s is the shear capacity reduction faccor (recommended as 0.85) and

f is the yield stress of the horizontal steel.

There are two major problems associated with this design procedure.

Or3 is sliding shear along the base of the pier or wall 'Jhen a flexural

mode of failure is forced to occur. This was evident in Priestley's

tests and led to a limitation of the design shear force in his

; recommended design method. The second problem is the inherent assumption

that a wall can develop the shear capacity of the horizontal steel,

A f This assumption was not validated in the double pier tests, andhs y.

is discussed in Section 3.5.2 below.

|

3.5.1 Effect of Reinforcement in the Flexural Mode of Failure

Several investigators have shown that the ultimate strength in

the flexural mode of failure can be determined .ath reasonable accuracy

by applying the basic concepts developed for reinforced concrete; this

idea is discussed in detail in Section 2.3.1. Meli ( ', Williams ( '
'and Priestley and Bridgeman have all stated that the flexural

mode of failure is characterized by a secondary compressive failure at
4

i the toe of the wall. Such a failure is caused by the decrease in the

area of masonry under compression as the steel yield strain increases

(Fig. 2.2) finally resulting in compressive stresses that exceed

ultimate. This causes splitting and spalling of the masonry with a

resultant 1 css in confinement and eventual buckling of the vertical
I

steel. Severe load degradation and ultimate failure of the wall follow.

Priestley and Bridgeman also performed a series of tests using a,

joint reinforcement plate similar to the 1/8 in. plate used in Tests

15 and 16 (shown in Fig. 2.4 of Volume 3 ) . They found that the plate

alleviated much of the splitting and spalling associated with the secondary
:

- - --



. - - . -- __ -

44

!

compressive failure, leading to improvement in the inelastic behavicr.i-

This improvement was also observed in the present double pier tests and

is graphically shown in Fig. 4.40 of Volume 1, where results for Tests

13 to 16 arc compared. Priestley and Bridgeman concluded that if the

1/8 in. plate is not present the yield strength of the vertical

reinforcenent should be used to calculate the ultimate capacity of the
t

). walls, but if joint reinforcement is present then the ultimate strength

of the vertical reinforcerent should be used. This conclusion is also

supported by the double pier tests, as seen in Table 2.3, where the

calculated and measured ultimate flexural strengths are compared for

tests with and without the joint reinforcement (Tests 13 to 16).

In summary, the flexural mode of failure is governed by the

capability of a wall to develop shear loads exceeding its computed

flexural capacity. The flexural capacity of the wall is governed by its

width, vertical load and amount of vertical reinforcement. The shear

capacity of a wall is discussed in the following section.

3.5.2 Effect of Reinforcement in the Shear Mode of Failure
i

I1 IWhen failure is in the shear mode,Schneider and Scrivener et al.

i concluded that a quantity of horizontal and vertl. cal shear rein-
,

forcement equal to 0.3 percent bd (where b is the width and d the

thickness of the element) is sufficient to develop the shear strength

of the wall or pier. Schneider concluded in the case of concrete-

block walls, that little difference existed between the ultimate loads

sustained by similarly constructed walls reinforced on the basis of 0.3

i percent bd and 0.2 percent bd; hence, 0.2 percent bd was presumed
!

sufficient to develop the ultimate shear resistance of the grouted

masonry. He also stated that the load at which the first crack was

: -

._ _ . _. _ __ _ . _ _ ._ _ _
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formed was noticeably lowered by a reduction in the amount of rein-

forcement. Scrivener ( concluded that vertical and horizontal rein-

forcement are equally effective in providing satisfactory crack behavior

and failure loads. Walls with evenly distributed reinforcement exhibit

a later onset of severe cracking than walls where the reinforcement

is concentrated in the periphery. With a low percentage of reinforcement,

failure occurs soon after the onset of severo cracking. With higher

percentages of reinforcement, the failure load is mucn greater than

the load causing severe cracking. Higher failure loads were obtained

for walls with higher percentages of reinforcement up to 0.3 percent

of the gross cross-sectional area. Above this percentage, reinforcement

had little effect on the failure load.

'In contrast, Pries * ley and Bridgenen demonstrated that

horizontal steel is approximately three times as efficient as vertical

steel in carrying si. ear force across a diagonal crack, and that a

larger quantity than 0.3 percent bd of shear steel is effective in

improving the ultimate shear capacity of masonry. For this larger

quantity of shear reinforcement to be effective, they stated that the

quantity (preferably horizontal) should be sufficient to resist the

full ultimate flexural lateral load, so that a flexural mode of failure

is induced.

Table 3.1 summarizes the results of various tests and presents a

comparison of the increase in shear strength with the increase in the

amount of horizontal reinforcenent. It is clear that the increase in

ultimate strength does not correlate with the increase in the quantity

of reinforcement. Furthermore, the shear capacity of Tests 7 and 8

in the double pier tests should have developed close to the A f
hs y
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capacity of the horizontal reinforcement according to Priestley's

design method. This was not the case, and because of this discrepancy and
_

the lack of consistency of other test results, the effect of horizontal'

4

reinforcement in the shear mode of failure will be studied extensively
4

in the single pier test program. Until these cnr other extensive test

i results are available to resolve the discrepancies,'Priestley's suggested
i

?

design method should be used with extreme caution.

!

3.6 Inelastic Characteristics

Determination of the inelastic characteristics of a structural
i

I element is the objective of most experimental earthquake related studies.
:

The inelastic behavior is generally defined as ':he behavior after the

'

yield and/or ultimate load of a structural element has been attained. From

a structural design viewpoint the inelastic behavior is extremely,

4
'

important because many buildings are designed to withstand moderate

earthquakes without reaching the yield or ultimate strength of the
i

structural elements, but are expected to be damaged during intense

earthquakes.,

!
'

In evaluating the inelastic characteristics of a pier, hysteresis

envelopes (Figs. 4.37 to 4.40 of Volume 1) provide a good qualitative ,

I picture; however, they must be considered in conjunction with other
i

!.
parameters tc evaluate fully the inelastic behavior. The.other para-

meters include the energy dissipated per cycle, the ultimate strength,

4

indicators of ductility, and comparisons of crack patterns at equal:

displacements. The main advantage of hysteresis envelopes is that they

. provide visuel comparisons of ductility and ultimate strength; however,

they give-no indication of the energy dissipated per mle.
,

!
>

l

1
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The question to be considered is what constitutes desirable inelastic

Lehavior. It is difficult to answer this question'in quantitative terms,

but Figs. 3.la, b, and c are useful for a qualitative discussion of three

different aspects of the behavior. Figure 3.la shows a set of four force-

deflection relationships, each with the same ultimate strength (F ) . y

Obviously, the inelastic force-deflection relationship becomes more

favorable in passing from curves A through D. Figure 3.lb shows a set

of four force-deflection relationships with different ultimate strengths.,

The relative merit of these curves ic more difficult to evaluate, as it is

a function of the imposed interstory deflection. If the interstory

deflection never exceeds d , then piers with the force-deflection

relationships given by B, C and A are preferable to those of D. If the

interstory deflection increases to d , then B, C and D are preferable to A;
2

and finally, if the interstory deflection increases to d ' "" * # *#
3

of increasing preference is A, B, C and D. Hence, the relative merit of

the force-deflection relationships in Fig. 3.lb depends on the intensity

of the expected earthquake. For a moderate earthquake where the inter-

story deflection may not exceed d , the order of increasing preferencey

would be D, C, A and B. If, however, a large earthquake is considered,

and thc interstory deflection could be of the order of d , e rder of
3

increasing preference would be A, B, C and D. (It should be noted that

the interstory deflection rest? ting from a particular carthquake is a

function of the dynamic characteristics of the building as well as the

earthquake). For the two force-deflection relationships given by Fig. 3.lc,

obviously B is preferable to A, as it is able to resist a greater lateral

force and has the same charatteristics when the interstory deflection

exceeds d .y

3

I
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With the foregoing discussion in mind the inelastic characteristics

of walls tested in various investigations will be compared in the

following two sections. The first section deals with load degradation
#

of the piers while the second will discuss ductility indicators used in

various test programs.

3.6.1. Ioad Degradation

Load degradation, or strength deterioration, in the context of this
s

report is the drop in load carrying capacity of a particular element

between successive cycles of loading at the same amplitude. It is

discussed in conjunction with mode of failure in the following

subsections.

(a) Load Degradation Associated with the Flexural Mode of Failure.

Meli ( , Williams ( 6)and Priestley and Bridgeman all observed'

similar features of load degradation associated with the flexural mode

of failure. Heli found that concrete b):ck walls whose failure was

I governed by flexure showed little deter.t';ation before yielding of

the reinforcenent. After yielding, significant reduction of stiffness

occurred in subsequent cycles but strength was not affected. For high

deformations (large displacements) progressive crushing of the uncon-
,

fined compression corner gave rise to major deterioration of the load

carrying capacity.

For cantilever walls failing in flexure, Williams observed very

similar behavior. For several cycles at constant amplitude the major

deterioration was between the first and second cycles; additional cycles
.

at the same amplitude were relatively stable. He also observed that for

large displacements, the unconfined corner was subjected to progressive

crushing which finally led to a sudden deterioration in the load carrying

cs .

_ _ , ,- _ ,
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capacity.

Priestley and Bridgeman found that for all walls failing in flexure,

sudden load degradation occurred after initial loading to displacements,

correrponding to ductilities of the order of 5. At these displacements

4

| vertical cracks developed close to the toe and the resulting isolated

columns of brick work were " blown out" under the combined action of shear

and compression. This resulted in loss of bond for the extreme tension

bars on reversal of the load direction, compounding the effect. Further-

more, after initial load reversals any steel close to such a crushing zone'

became inadequately supported laterally and buckled. Degradation rapidly

increased as this process continued with each load reversal.

1

In order to suppress the undesirable load degradation associated

with the flexural failure mechanism, Priestley and Bridgeman inserted

1/8 in. plates in the mortar joints in the vicinity of the compressive

toes of the wall and tested five walls with the joint plates inserted.
.

They concluded from these tests that all five walls showed an ability
1

to sustain several cycles of loading at ductility factors of 4 or more

with peak loads remaining above or close to the yield load.

!

For the double pier tests without mortar joint plates (Tests 12 and

14), the behavior was similar to that noted by others. There was no

load degradation in successive cycles at the same amplitude before

yielding of the vertical reinforcement; however, after yield there was
i

some small load degradation between the first and second cycles with

additional cycles being relatively stable.

The double piers with the mortar joint plates (Tests 15 and 16)

showed an excellent post-clastic behavior with the ability to sustain

several cycles of loading at large displacements and with peak loads

remaining above or close to the average ultimate strength.

.. ..



, _ , ___ _ - . . _ _ _ . .

<

50

(b) Load' Degradation Associated with the Shear Mode of Failure.

Meli ( ' observed that for walls with interior reinforcement whose

j failure was governed by shear, very significant strength deterioration

occurred after the formation of diagonal cracks. Often the load-i

deflection curve did not stabilize, and initial strength could not be,

i

attained again. Increasing the amount of interior reinforcement did not

markedly improve this behavior.,

,

Williams (16) found that walls failing predominantly in shear

developed large initial stiffness degradation with severe load degradation,

after diagonal cracking had occurred and that further degradation occurred

at each subsequent cycle. Priestley and Bridgeman( 8,27) found that

cantilever walls failing in shear exhibited rapid degradation of load on

successive load reversals after major diagonal cracking.

Test results presented in Figs. 4.1 to 4.12 of Volume 1 did not, in1

all cases, show such a rapid load degradation as that observed by the;

;

previous investigators. However, this difference in most cases is

attributable to the different load ' sequences used in the various investi-
,

gations. For each of the three cycles of loading at the same amplitude #

t

there was some load degradation, and this became more substantial after

the ultimate load was attained. The piers with a lower bearing load
,

showed less rapid load degradation after the ultimate load was attained,

(compare Tests 5 and 6 with Tests 1 and 2, and with Tests 9 and 10 in Figs.

4.1, 4.2, 4.5, 4. 6, 4.9 and 4.10 of ' Volume 1) . The piers with partial
.

grouting (Tests 11 and 12) had less load degradation than the piers with

Ifull grouting (Tests 1 and 2), (see Figs. 4.1, 4.2, 4.11 and 4.12 of-

Volume 1).
4 -.

The lou d degradation characteristics of a wall after major cracking

|
has occurred are important variables to be used in calculating its

,
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inelastic characteristics. It is clear that for t'. shear mode of failure.
,

1

the post-cracking behavior is not nearly as favorable as the post yield

behavior in the flexural mode of failure.

3.6.2 Ductility

Ductility is a term that is used in earthquake related experimental

studies to provide an indication of the inelastic performance of

structural elements. Generally for steel and reinforced concrete

structural elements, the ductility ratio provides a reasonable comparable

measure of the inelastic performance for the elements. The generally

accepted definition of ductility ratio is the ratio of the maximum

displacement (or rotation) at which the ultimate or yield load can no

longer be maintained to the displacement (or rotation) at which the

yield load is first attained. For masonry structural elements the

ductilicy ratio concept must be used with caution. For instance, Tests

1 and 8 of the double pier tests have the same values of ductility

indicators

6 +6 6 +
2 3 4

and
2 2.

(defined in Section 4.3 and given in Table 4.1 of Volume 1) , but from the

hysteresis envelopes shown in Fig. 4.39 of Volume 1, Test 8 obviously

has a much more desirable inelastic behairior.

From the results presented in the state of the art report ( it

is clear that both the ductility and the inelastic characteristics are

significantly affected by the test technique, the mode of failure, the

quantity and distribution of reinforcement and the nature of loading

(monotonic or cyclic). The ductility of walls will be discussed with

respect to the modes of failure in the following two subsections.
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(a) Ductility in the Flexural Mode of Failure.

The force-deflection relationships of the cantilever walls tested

cyclically by Williams ( 6) exhibited ductility ratios at the ultimate

load of between 2 and 4. The loss of load-carrying capacity was

attributed to the secondary compressive failure at the toes of the walls.

I1 }In the monotonic tests performed by Meli , substantial ductile

capacity was observed for the flexural mode of failure. Based on

Meli's definition of ductility, walls failing in flexure had ductility

ratios exceeding four. Although he did not define or quantify ductility

I ratios for the cyclic tests he performed, he stated that the behavior of

walls with interior reinforcement whose failure is governed by flexure is

nearly elasto-plastic with remarkable ductility.

Priestley and Bridgeman( stated that load degradation following
'

flexural failure occurred after loading to displacement ductilities of

the order of 5. Because complete load-deflection time histories are

not presented for these tests it is difficult to determine how the

results compare with those of Williams and Meli. However, Priestley and

Bridgeman did attribute the sudden drop in load-carrying capacity to the

secondary compression failure. Walls containing the 1/8 in. plate in the

mortar joints at the compressive toes were observed to have ductilities

of at least 5 and sometimes as high as 16 at the yield load. The hollow

unit walls were also adequately confined for ductility ratios up to 5.
,

The definition of ductility indi,ators used in the double pier tests,

produces slightly lower values than those noted by other investigators.

The ductility indicators for Tests 13 and 14 at the average ultimate load

(90 percent of peak ultimate load) are 1.8 and 3.1, respectively, and

5.2 and 6.6 at the working ultimate load (70 percent of peak ultimate load),

respectively. Thesa ratios were improved with the introduction of the
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plates in the mortar joints of Tests 15 and 16. Then the values at the

average ultimate load are 2.5 and 3.5, respectively, and 9.2 and 10.5,

respectively, at the working ultimate load.

Although there is variation in the values of the ductility indicators

for the flexural modes of failure of the various investigations, most

values lie between 2 and 4 and these are significantly improved with the

introduction of the 1/8 in steel plate in the mortar jo! .t.

(b) Ductility in the Shear Mode of Failure.j

For the tests performed by Williams , the ductility ratios of

the cantilever walls tested cyclically and failing in. shear varied

between 1 and 2. It is difficult to compare the ratios of the different

tests, because each wall was subjected to a different displacement history.

However, it is apparent from the results presented that the walls were

not able to maintain the ultimate load over a very large displacement

range.

For the monotonic tests performed by Meli , his ductility ratios

for the shear mode of failure exceeded 1.75. He also stated that if fail-

ure is governed by diagonal cracking, ductility is less than in the

flexural mode of failure and when vertical loads are applied the behavior

is quite brittle.

Although Priestley and Bridgeman did not mention the ductility

of walls failing in shear, they stated that for walls without bearing load,

failure occurred soon after the formation of the diagonal crack with large

horizontal displacements across the diagonal crack associated with severe

load degradation, and hence a ductility ratio close to 1. For walls with

an applied bearing load, the degradation was not as severe although no

mention was made of the ductility capacity.

i

. _ _ _ _ - _ _ - _ _ - _ _ _ _ _ - _ _ _ _ . _ _ _ - _ _ _ _ _ _ _ _ _ _ _ _ _ - _ - - _ _ _ _ _ _ _ _ _ _ _ _ _ _ _ _ _ _ _



_ _ _

4

54

For the fully grouted double piers with bearing stresses less than

250 psi, the ductility indicators at the average ultimate load ranged
.

from 1.45 to 1.8, and these values are consistent with those observed

by Mell and Williams. As the bearing load increased to 500 psi in Tests

9 and 10, the corresponding ductility indicators were 2.1 and 2.8,

respectively. This improvement in inelastic behavior is consistent

) with that observed by Priestley.

For the partially grouted double piers (T2sts 11 and 12) the

ductility indicators at the average ultimate load were'3.8 and 5.1, a

: significant increase over the fully grouted piers. However, if the
i

; overall inelastic performance of the piers is evaluated from the

hysteresis envelopes (Fig. 4.38 of Volume 1) the increase in the

ductility ratio _does not reflect an improvement in the inelastic

characteristics when compared to Test 12. This anomaly was discussed

in the introduction to this section.

For the shear mode of failure it is clear that the ductility ratios

are less than those of the flexural mode of failure, and most test

values-lie between 1 and 2.

i

,

:

.

(
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TABLE 3.1

THE EFFECT OF INCREASED REINFORCEMENT ON THE SHEAR STRENGTH

ncrease in Reinforcement
Reference Reinforcement of the WallsW e Ultimate Horizontal Vertical Increase in,

Reference No. of Used in the Horizontal Vertical Vertical Strength
s y)(3)

Strength(3
the Investigation Paper Interior Periphery (kips) (kips)

C9 --- 2 - 1/2" 2 - 5/8" 60.0
--- 1 - 1/2" 10.0

C3 --- 3 - 1/2" 2 - 5/8" 70.0

C3 --- 3 - 1/2" 2 - 5/8" 70.0
S em 2 - W" --- M

(9) D12 2 - 1/2" 3 - 1/2" 2 - 5/8" 104.0 (15.7)

D13 3 - 5/8" 3 - 5/8" 2 - 5/0" 96.0
1 - 5/8" --- 14.0

D14 4 - 5/8" 3 - 5/8" 2 - 5/8" 112.0 (12.3)

Al --- --- ? - 7/8" 37.5
2 - 5/8" --- 2.5 m

(16) A2 2 - 5/8" --- 2 '- 7/8" 40.0 (24.5) W

I
l --- --- 4 - 3/4" 26.0

3 - 5/8" --- 14.7
III7 3 - 5/8" --- 4 - 3/4" 40.7 (62.4)

Mayes & Clough

2( } --- --- 4 - 3/4" 34.3
3 - 5/8= --- 12.5

g(2) 3 - 5/8" --- 4 - 3/4" 46.8 (62.4)

Prestley & F7 --- 6 - 3/4" 2 - 3/4" 62.1
2 - 1/2" --- 2.9Bridgeman

(18) F8 3 - 1/2" 6 - 3/4" 2 - 3/4" 65.0 -(23.6)

(1) Tests performed pseudo-statically.

IITests performed at a frequency of 3 cps.

(3) f is assumed to be 40 ksi, except for the double pier tests where the actual value is used and A f is expressedayy
in kips.

.
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4. SUMMARY

The preceding chree chapters have provided an analysis of the test

results presented in Volume 1( '. The first chapter presents a compari-

son of- the critical tensile strengths obtained from the double pier tests

with those obtained from a simple diagonal compression test on a square

panel. The objective of these tests was to evaluate an alternative

simplified method of determining the shear strength of masonry walls.

Currently, code values are based on f', the compressive strength of a

prism test. The authors are encouraged by the comparison of the average

values of the critical tensile strengths obtained from the double pier and

| simplified tests; at the same time, however, they are disturbed by the

wide scatter of the results. Part of the scatter can be attributed to

the acknowledged lack of control over the mortar and grout strengths

used in the test specimens. This variation was permitted bcr *he,

authors wanted to include workmnship as a parameter in the t +st r rogram.

However, it is clear that better control over the mortar and grt L strengths

will be required in future tests to obtain satisfactory correlation.

Chapter 2 of the report presents theoretical models of the hysteresis

envelopes obtained in the double pier tests. The ultimate objective of

formulating these models is to provide a basis for performing an inelastic

response analysis of multistory masonry buildings subjected to earthquake

ground motions. The approach being followed is similar to that used for

reinforced concrete and steel buildings; the inelastic behavior of typical

structural components is determined experimentally and idealized inelastic

models are then developed which adequately describe the behavior of the

components. The models at a later date will be incorporated into an

- - - ___ -- m._ _____.__m.m__--_m.---____mm-_______-__________... _____-__
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inelastic analysis computer program which deals with the entire building.

Parameters included in the models define stiffness and ductility

exhibited at various stages of the hysteresis envelopes as well as the

ultimate and/or yield strengths of the piers. The stiffness and ductility

parameters were determined from average values of the experimental

results, whereas the ultimate and/or yield strengths were obtained

from theoretical formulations and then compared with the experimental

*

results.

The variation in the stiffness and ductility parameters determined

for the proposed model in the shear mode of failure was significant,

and before this model is used in a computer program to determine the

overall response of a building to an earthquake ground motion, a

sensitivity study should be performed to determine what effect the range

of each variable has on the overall response of the building. The same

parameters had much less variation for the flexural mode of failure,

and a model based on these c'ecage values should be reasonably accurate.

The formulation presented in Chapter 2 for determining the yield

and ultimate strength in the flexural mode of failure was similar to that

previously used by others and it produced good agreement with the

experimental results. The formulation for datermining the ultimate

strength in the shear mode of failure generally overestimates the experi-

mentally determined values. Se un of the eleven computed values were withi.t

25 percent of the experimental values; however, the other four covered

a much larger range.

It should be noted that the hysteresis models presented in Chapter 2

are for piers with a height to width ratio of two, and until additional

tests are performed with other aspect ratios the models can be considered

valid only for this geometry. Furthermore, the hysteresis envelopes are

,- . .
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idealized from a displacement controlled test with gradually increasing

magnitude; therefore, these results should be validated later with loading

more random An nature.

Chapter 3 presents a comparison of the double pier test results with*

those obtained by other investigators. Because there has been a relative 1.y

small amount of research on the cyclic behavior of masonry structural

elements, the authors felt it was important to determine the consistency

of the results obtained in the few test programs that have been performed.

The comparisons are presented in terms of the effects of partial grouting,

bearing stress, rate of loading, reinforcement and inelastic characteristics.

The three investigations that considered the effect of partial

grouting on hollow concrete block walls all reached the conclusion that

the net ultimate strength of fully and partially grouted walls is approx-

imately equal. The two investigations that considered the effect of

'

partial grouting on hollow clay brick walls came to contradictory

conclusione. Therefore, this variable will be studied further in the EERC

eighty si gle pier test program.

The bearing load was found to be an important parameter in all

investigations that included it as a variable. 7': has an important effect

in controlling the mode of failure of a wall: the greater the bearing load,

generally, the greater the likelihood of 4 shear failure. With respect

to its effect on the inelastic characteristics in the shear mode of

failure, two studies found that increased bearing load improved the
a

inelastic behavior. However, Elis observation conflicted with the general-

ized conclusion of the two other investigators. Clearly ad.'itional test

data are required on the effect of this important parameter.

- . . .- _- . -. - _ _ _ _ _ _ _ _ - _ - _ _ -
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'the effect of the rate of loading on the shear mode of failure was

inclAded in two studies and both found that the pseudo-static cyclic

tests produce conservative results when compared to dynamic tests. For

the flexural mode of failure, conflicting results were obtained from the

two studies that included this as a parameter. One study found that
'

the pseudo-static tests produced non-conservative results while the double

pier tests indicated there was little difference between the pseudo-static

and dynamic tests.

The effect of horizontal reinforceme..t on the ultimate strength in

the shear mode of failure appears to be the least censistent result. It

is clear that there is little correlation between the ultimate strength

and the amount of horizontal reinforcement. However, one study concludes

that the shear mode of failure can be suppressed with e. sufficient

amount of horizontal reinforcement and a proposed design method is based

on this premise. This effect was not extensively studied in the double

pier tests, but will have a high priority in the single pier test program.

The inelastic characteristics of walls are discussed in terme of

ductility and load degradation. For the shear mode of failure, the

ductility of the walls was found to be betweer.1 and 2 in most test

programs. Load d.grulation was generally severe for this mode of failure

after the initial diagonal crack developed. The severity of the load

degradation was fcand to reduce as the bearing load increased. For the

flexural mode of failure the ductility of the walls was found to be between

2 and 4 in most test programs and load degradation was not sc.ere until

the maximum ductility had been attained. The load degradation then was

attributed to the secondary compressive failure at the toes of piers. The

introduction of 1/8 in. plates in the mortar joints at the toes of a wall
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s'ignificantly increased the ductility and generally prevented the severe

load degradation associated with the secondary compressive failure.

Significant progress has be7n made in the last decade on under-

standing the inelastic behavior of masonry walls. However, much

remains to be done before researchers and structural designers can predict.,

within reasonable bounds, the response of a multistory masonry building

j to earthquake ground motions.

,

4

,

t

8
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