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4.0 INTRODUCTION

This report presents the results of Harding
Lawson Associates'HLA's) geotechnical slope
stability evaluation for the proposed Auxiliary
Saltwater (ASW) System Bypass, Unit 1, at
Diablo Canyon Power Plant in San Luis Obispo
County, California. The purpose of our study
was to evaluate the stability of the existing,
approximately 50-foot-high slope in the vicinity
of the proposed bypass and to develop
conclusions regarding potential deformations of
the slope during the design-level earthquake.
HLA previously performed a field and laboratory
investigation for the proposed bypass and
presented the results in our report dated May 8,
1996.

Our services were provided in accordance with
our proposal dated April 4, 1996, and Pacific Gas
& Electric Company's (PG&Es) Contract Number
Z78-1018-96 and Contract Work Authorization
(CWA) 96-02 dated April 8, 1996. During the
course of our work, our scope of services was
modified to include evaluation of the
liquefaction potential of fillmaterials southwest
of the subject slope and to assess liquefaction-
induced settlement and impacts on slope
stability.

We obtained information regarding the project
through meetings with PG&E on November 17
and December 18, 1995; by reviewing the project
plans; and by reviewing several documents
regarding existing conditions, construction
procedures, and the proposed modifications. A
complete list of the documents used in our
evaluation is presented in Section 5.0,
References.

The existing ASW piping system consists of two
24-inch-diameter pipelines, which are located
above a shelf that is attached to the Circulating
Water Intake (CWI) conduits. The existing pipes
are steel and have experienced some corrosion.
The new project consists of bypassing the
potential zone of corrosion with new piping.

The ASW bypass zone extends to the northeast
approximately 400 feet from the existing Intake
Structure, as shown on Plate 1. The ground
surface in this area varies from approximately
Elevation 18 feet'ear the Intake Structure to
Elevation 75 feet near the top of an existing 2:1

(horizontal to vertical) slope that is
approximately 50 feet high.

The ASW bypass willconsist of two new 24-
inch-diameter pipes located in the existing
backfill adjacent to and above the CWI conduits.
The backfill generally consists of native material
excavated from elsewhere onsite. The bottoms
of the new pipes willbe located approximately 5

to 10 feet below the existing ground surface.
The pipes willnot be connected to the CWI
conduits, except at the north end. The new
pipes willtraverse the slope mentioned above.

The scope of our geotechnical services was to
evaluate the slope stability by performing the
following analyses: \

~ Static stability analyses using the computer
program UTEXAS3 (Wright, 1991), which
incorporates standard limitequilibrium
methods to evaluate the static factor of safety
of the slope

~ Pseudostatic analyses using the computer
program UTEXAS3 to determine the yield
accelerations for potential failure surfaces
analyzed during the static analyses

~ Ifnecessary, Newmark deformation analyses
using the computer program TNMN (TAGA,
1996) to help evaluate potential
deformations of the slope using earthquake
acceleration time histories provided by PG&E

On the basis of the results of our analyses, we
were to develop conclusions and
recommendations regarding the following:

Mean sea level (MSL).
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1.0 Introduction

~ The static stability of the slope

~ The potential for slope failure during the
design earthquake ground motions

~ The magnitude of anticipated slope
deformations during the design earthquake,
the uncertainty associated with this estimate,
and the likely earth forces on the ASW
piping resulting from these movements

~ Backfilling requirements for the ASW piping
to minimize deformations of the slope and
piping system, ifappropriate

As previously mentioned, our scope was
expanded to include performing an evaluation of
the liquefaction potential of fillsoils located
southwest of the subject slope and to provide
conclusions regarding the impact of liquefaction
on ground surface settlements and slope
stability.

In performing our evaluation, HLAwas assisted
by Dr. Robert Pyke, Consulting Engineer, of
Lafayette, California.
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2.0 SITE AND SUBSURFACE CONDITIONS

Information regarding the site and subsurface
conditions is presented in our May 8, 1996

report. Following is a summary of the surface

conditions, the existing structures below grade,
the subsurface conditions, the site seismicity,
and the engineering properties used in our
analyses.

2.1 Surface Conditions

Ground surface elevations at the ASW bypass
site range from about 18 to 75 feet. The ground
surface is approximately Elevation 18 feet
around the Intake Structure, Control Building,
and Intake Access Control Office and Storage

Building; Elevation 24 feet on the access drive
northeast of the Office and Storage Building;
Elevation 24 feet at the toe of the slope northeast
of the Intake Structure; and Elevation 75 feet at

the top of the slope. The ground surface
surrounding the three structures and along the
access road is paved and generally level. The
slope behind the access road is moderately
vegetated.

2.2 Existing Structures Below Grade

The buried portions of the existing ASW piping
and CWI conduits are approximately 1,600 feet

long, extending from the Intake Structure to the

Turbine Generator Building. The northernmost
portion of the CWI conduit foundations are

bottomed between Elevations 50 and 55 feet.

The conduits descend at a 67 percent grade from
Elevation 50 feet, near the top of the slope, to
Elevation -20 feet, near the toe of the slope, and

then extend horizontally to the Intake Structure.
Plate 2 presents a cross section of the slope and

CWI conduits at the location shown on Plate 1.

The CWI conduits and Intake Structure
foundations are all bottomed on rock.

2.3 Subsurface Condltlons

As previously mentioned, the ASW bypass
pipelines willbe placed in the existing backfill
for the CWI conduits, as shown on Plates 1 and

2. On the basis of our testborings, our review of
previous investigations, and our review of
construction drawings, we estimate that the
backfill along the ASW bypass alignment is as

thick as approximately 40 feet and is underlain

by moderately strong rock consisting of shale,

sandstone, and possibly tuff. The sides of the
excavations to construct the CWI conduits and

the Intake Structure were sloped near the ground
surface and near vertical for the lower portions
of the excavations. Therefore, the depth of the
existing backfill adjacent to these structures is
somewhat less than the depth of the CWI
foundations. The backfill thickness decreases

with distance from the structure.

The maximum backfill thickness in the area of
the proposed ASW bypass alignment is
estimated to be approximately 10 to 35 feet

along the section of bypass extending down the
2:1 slope; 35 to 40 feet along the section of
bypass extending from the base of the slope
(Boring B-1) to a point near Boring B-4; 6 to 8

feet along the section of bypass extending
between Conduits 1-2 and 2-1 (Boring B-2); and
25 to 30 feet along the section of bypass
extending south of Conduit 2-2 (Boring B-3).

The backfill material generally consists of the
following three main material types:

1. A mixture of varying quantities of angular
gravel, sand, and clay that is predominantly
from onsite sources of native soil and rock

2. Granular import material

3. Poorly graded sand that appears to be
imported pipe bedding material
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2.0 Site and Subsurface Conditions

The locations and engineering properties of each

backfill material are discussed in more detail in
the following sections, as are the underlying rock
and the groundwater conditions.

2.3.4 Backfill from Onslte Sources
(Cohesive Fill)

Backfill from onsite sources consists of a mixture
of varying quantities of angular gravel, sand, and

clay. Backfill from onsite sources was used
predominantly around and above the CWI
conduits. These gravels, sands, and clays were
the predominant material encountered in our
test pits and represent approximately 70 percent
of the material encountered in our test borings.
Backfill from onsite sources was encountered to
a depth of 20 feet in Boring B-1, 6 feet in Boring
B-2, 14 feet in Boring B-3, and 18 feet in Boring
B-4. These materials are believed to represent a

mixture of native soil and rock that was
excavated from onsite sources.

The percentage of each primary particle size

range was found to vary, which could be
explained by variation in soil cover thickness at

the original borrow source.

Laboratory tests indicated that the material has

the followingproperties:

~ Maximum particle size, 2 inches

Percent gravel, 8 to 48

~ Percent sand, 20 to 44

~ Percent fines, 11 to 66

~ Dry density, 92 to 124 pounds per cubic foot
(pcf)

~ Moisture content, 7.8 to 28.0 percent

~ Plasticity index 17 to 21; liquid limit38 to 45

sample. Our laboratory tests indicate that the
percentage of gravel and fines in the backfill
material varies considerably. Therefore, because

of the limited number of compaction tests, we
were not able to quantitatively determine the
percent of relative compaction at all locations
where in situ densities were measured. On the
basis of our evaluation of the laboratory data and
visual observation of the backfill in the test pits,
we conclude that the backfill relative
compaction generally ranges from approximately
85 to 95 percent .

Because the backfill contains significant amounts
of clayey fines, we believe, it willbehave as a

cohesive material. For our analyses, we selected
undrained shear strength and total unit weight
parameters to model the backfill from onsite,
sources. On the basis of published literature
regarding the undrained strength of compacted
fill(Duncan et al., 1980), we conservatively
selected a design undrained shear strength of
2,500 pounds per square foot (psf) to model the
cohesive fill. We used a total unit weight of 125

pcf for the cohesive fillin our analyses.

These assumed properties are confirmed by the
results of laboratory tests on both relatively
undisturbed and remolded samples of the
backfill from onsite sources. The results of the
TxUU shear strength tests on relatively
undisturbed samples indicate that the undrained
shear strength, ranged from 910 to 3,360 psf. The
lower strengths are believed to be a result of
sample disturbance due to gravel-sized particles.
Excluding the low values, the average strength
from the relatively undisturbed samples tested is
approximately 2,960 psf. In addition to shear
strength tests performed on undistuibed samples
collected in the field, TxUU tests were
performed on three remolded samples. TxUU
shear strength test results indicate that the

Compaction curves tests were performed on bulk
samples obtained from Test Boring B-1 and Test
Pits TP-1 and TP-3. The results indicate that the
maximum dry density is affected by the
percentage of gravel and fines present in the

Relative compaction refers to the in-place
dry density of soil expressed as a percentage
of the maximum dry density of the same
material, as determined by the ASTM
D1557 laboratory compaction procedure.
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2.0 Site and Subsurface Conditions

undrained shear strength ranged from 4,250 psf
to 6,600 psf for cell pressures of 500 psf to 3,000
psf. The average of these tests is approximately
5,420 psf. Allof the remolded tests were
conducted at a dry density, moisture content,
and total unit weight of approximately 104 pcf,
15.5 percent, and 120 pcf, respectively. The
average of the TxUU tests on the relatively
undisturbed and remolded samples indicates
that the use of 2,500 psf in our calculations is
very conservative.

2.3N Granular Import Backfill
(Granular Fill)

Granular import backfill was encountered in
several borings. Poorly graded gravel with clay
and sand was encountered in Boring B-3 at
depths of 14 to 25 feet; poorly graded sand with
gravel and poorly graded sandy gravel was
encountered in Boring B-4 at depths of 18 to 31-
1/2 feet; and clayey sand with gravel was
encountered in Boring B-1 at depths of 20 to 22-
1/2 feet. Blow counts ranged from 15 blows per
foot to 35 blows for 2 inches, with an average of
approximately 100 blows per foot, indicating
that the granular backfill is generally very dense.
Boring B-4 encountered a poorly graded sand
with gravel at a depth of 25 feet (Elevation -1

foot) that had a blow count of 15 blows per foot,
indicating that it is medium dense. This
medium dense material is believed to be fillthat
was placed during the repair of electrical
conduits in the early 1980s. This material was
reportedly jetted to achieve compaction. On the
basis of the variation in blow counts for the
granular import backfill and the method of
compaction used, we judge that the lower
density zones are confined to localized areas of
the fill.

Laboratory tests indicated that the poorly graded
gravel with clay has the following soil properties:

~ Percent gravel, 45

o Percent sand, 44

~ Percent fines, 11

10183'O20378R.DOC

~ Dry density, 115 pcf

~ Moisture content, 8.8 percent

Laboratory tests also indicated that the clayey
sand with gravel has the following soil
properties:

~ Percent fines, 17

~ Dry density, 120 to 121 pcf

~ Moisture content, 6.9 to 7.1 percent

To model most of the granular fillfor our
analyses, we conservatively assumed a friction
angle of 34 degrees, a cohesion of zero, and a
total unit weight of 120 pcf on the basis of
published literature (Hunt, 1984) and the
observed blow counts. As discussed in a
subsequent section of this report, the medium
dense sand encountered at a depth of 25 feet is
believed to be potentially liquefiable. To
account for this in our analyses, we assumed that
this material would develop positive pore water
pressures during the design level earthquake.
This potential pore water pressure increase
would reduce the sand's effective strength. To
model this, we assigned the sand from Elevation
0 to -5 feet a residual strength of 700 psf based
on the correlations presented by Seed and
Harder, 1990.

2.3.3 Poorly Graded Sand Import
Bedding Material (Granular
Bedding)

Poorly graded sand was encountered in Boring-
B-1 at depths of 22.5 to 26.5 feet. This is the
material believed to bed the existing ASW
pipelines. The sand was encountered 4 to 5 feet
higher than and several feet south of the existing
ASW backfill envelope. This may be partly the
result of rock overbreak in the excavations, as
seen in historic photos, to comply with project
specifications that all fillplaced below Elevation
6 feet should be granular, or the result of work
performed to repair electrical ducts in the early
1980s. This material had a blow count of 18 at a

depth of 25 feet (Elevation -1 foot), indicating

Harding Lawson Associates





2.0 Site and Subsurface Conditions

that it is medium dense at that location. The
project specifications required that this material
(bedding sand for piping and conduit envelopes)
be compacted to at least 95 percent relative
compaction.

In our analyses, we used a vertical cross section
aligned with the main axis of the backfilled
trench for the existing ASW piping. In modeling
the existing bedding sand, we increased the
strength parameters to account for the fact that
the sand was confined on one side by the
existing CWI conduits and on the other side by
the rock face that was cut to install the CWI
conduits and the existing ASW piping.
Assuming that the existing bedding sand is
medium dense to dense, we estimated a friction
angle of 34 degrees (Hunt, 1984) for triaxial
loading conditions. Mitchell (1993) indicated
that the friction angle in plane strain is typically
10 percent larger than that measured in triaxial
compression because the constraint against
lateral deformation causes an increase in the
effective confining pressure. Therefore, we
increased the friction angle to 37.4 degrees to
better model the plane strain field conditions.
Then, because an assumed failure zone must
shear the sides of the sand envelope in addition
to a horizontal shear plane, we further increased
the effective friction angle, accounting for the
field geometry and assuming at-rest conditions.

This factor was computed by setting the effective
friction angle equal to:

$,«~„, = tan'(1+K,) tan $)

where K, 1-sin <

and where $ equals 37.4 degrees, K,is 0.39,
and ),ff g equals 47 degrees.

Therefore, to account for the effects of plane
strain and the tluee-dimensiona) nature of the
problem, we used a design friction angle of 47
degrees, a cohesion of zero, and a total unit
weight of 120 pcf to model the existing bedding
sand.

The sand encountered at Elevation -1 feet in
Boring B-1 (above the existing ASW pipelines)
had a blow count that is similar to that for the
material encountered in Boring B-4 at that
elevation. Because the sand is medium dense
and below MSL, it is also considered potentially
liquefiable. Therefore, we assumed that this
material has the same properties as the granular
import backfill located between Elevations 0 and
,-5 feet as discussed in Section 2.3.2.

2.3A Rock

The backfill materials and the CWI conduits are
underlain by moderately strong rock consisting
of shale, sandstone, and possible tuff. For the
stability analyses, we conservatively assumed
that the rock has the following properties: a

friction angle of 30 degrees, a cohesion of 3,000
psf, and a unit weight of 140 pcf. These values
are from previous HLA reports regarding Diablo
Canyon Power Plant (HLA, 1978 and HLA, no
date).

2.3.6 Groundwater Conditions

Only Boring B-4 encountered groundwater
during our investigation. The water level
measured was at a depth of 24 feet
(approximately Elevation 0). As the site is
immediately adjacent to the ocean, it is
reasonable that the average groundwater level
would be near MSL. Some seasonal and tidal
fluctuation in the groundwater level likely
occurs. For purposes of our analyses, we
assumed a groundwater level of Elevation +3
feet.

2A Seismicity

The site is in a seismically active area of
California and willlikely experience strong
ground shaking during the design life of the
facility. Several previous studies have evaluated
the site seismicity. PG&E provided HLA the
design earthquake ground motions for use in our
study. Five horizontal acceleration time
histories were used in our study, and they
include:
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2.0 Sita and Subeurfaco Condltlone

~ The Hosgri (Newmark) ground motion

~ The modified Pacoima Dam longitudinal
ground motion

~ The modified Pacoima Dam transverse
ground motion

~ The modified Tabas longitudinal ground
motion

~ The modified Tabas transverse ground
motion

The Pacoima Dam and Tabas motions were
modified as part of the Long-Term Seismic
Program (LTSP) for the power plant. The peak
ground acceleration (PGA) for the Hosgri time
history is 0.75 gravity (g). The PGAs for the
other records are 0.83 g.

For the purposes of this evaluation, it was
assumed that the bedrock time histories and
peak accelerations would apply directly to any
potential sliding masses. We believe that more
detailed analyses would likely show this
assumption to be conservative, because the
response of the backfill over the CWI conduits
would vary from point to point and the average
driving accelerations acting on a potential sliding
mass would be less than the accelerations of the
surrounding rock.
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3.0 GEOTECHN ICALANALYSES

3.1 General

This section describes the geotechnical
engineering analyses performed for this study.
The discussion includes a description of the
methods and assumptions used. HLA'performed
the followinganalyses:

~ Liquefaction potential and seismically
induced settlement

~ Static slope stability

~ Pseudostatic slope stability

The geotechnical engineering properties used in
our analyses are described in Section 2.0.

3.2 Llquefactlon Potential

Soil liquefaction is a phenomenon in which
saturated (submerged), cohensionless soils
experience a temporary loss of strength because
of the buildup of excess pore water pressure,
especially during cyclic loadings, such as those
induced by earthquakes. Soils most susceptible
to liquefaction are loose, clean, saturated,
uniformly graded, fine-grained sands.

Borings B-1 and B-4 encountered medium dense

sands at a depth of 25 feet (Elevation -1 feet).
These sands are believed to be a portion of the
granular import backfill that was placed during
original construction of the CWI conduits
between the Intake Structure and the toe of the
subject slope. As discussed in Section 2.0, only
two of the blow counts in the granular import
backfill would result in the classification of
medium dense, while several others indicate that
the granular backfill is very dense.

The granular backfill that is very dense or
contains a significant amount of clayey fines is
considered to be not susceptible to liquefaction.
The zone of the medium dense sands that are
located below the water table is believed to be

confined to an area that is immediately southeast

of the Unit 1 CWI conduits and approximately
10 to 20 feet wide and 100 feet long, as shown in
HLA's June 25, 1996 letter report (HLA, 1996b).
Based on the recent Boring B-4, we have
assumed that this zone is 5 feet thick, from
Elevation 0 to -5 feet. This is a conservative
assumption, given that the fillwas reportedly
compacted to at least 95 percent relative
compaction, It is more likely that the sands

range from being medium dense to dense within
the zone defined above.

We evaluated the potential for liquefaction using
the procedures developed by Seed et al. (1985).
In our analyses, we used a PGA of 0.83 g (HLA,
1996b). Our analyses indicate that there is a

high probability of liquefaction for the medium
dense sands located below the water table. As
discussed in Section 2.0, we assigned a reduced
strength to a zone that could liquefy during the
design level earthquake, in accordance with the
methods outlined in Seed and Harder (1990). In
performing our analyses, we assumed that a

5-foot-thick layer from Elevation 0 to Elevation-
5 feet could liquefy during an earthquake. This
layer was assigned an undrained shear strength
of 700 psf based on corrected blow counts in the
range of 15 to 19 blows per foot. This is believed
to be a conservative assumption, as the medium
dense sand is located in a confined zone and is
not a continuous layer throughout the lower
portion of the site.

3.3 Static Slope Stability Analyses

3.3.1 Methodology and Assurnptlons

In performing our static slope stability analyses,
we used the commercially available computer
program UTEXAS3 (Wright, 1991). U'IZXAS3
analyzes slope stability with circular and
noncircular slip surfaces using limit-equilibrium
methods. We analyzed both the circular and
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3.0 Geotechnlcal Analyses

noncircular slip surface, using Spencer's

procedure (Spencer, 1967; Wright, 1969).

We analyzed potential failure surfaces that were
perpendicular to the main axis of the ASW
bypass. The location of the cross section used in
our analyses is shown on Plate 1. We judge
other potential failure surfaces and cross-section
orientations to be noncritical, as the failure
surfaces would be largely in rock.

Our analyses were performed using the cross-

section data presented on Plate 2. The soil and
rock properties used in the analyses are those

presented in Section 2.0 and shown on Plate 2.

The water table was assumed to be at Elevation
+3 feet.

Our methodology included searching for circular
and noncircular slip surfaces to obtain the
potential failure surface with the lowest factor of
safety. We evaluated potential slip surfaces

along the upper portion of the slope, surfaces
that exited near the toe of the slope, and deep
surfaces that penetrated the potentially
liquefiable layer. The search was continued
until the critical slip surface was identified (the
surface with the lowest computed factor of
safety).

3.3.2 Results

The results of our static slope stability analyses
are presented on Plate 3. The most critical
potential slope surface was identified as a

circular surface that passed through the toe of
the slope, with a factor of safety of 3.24.
Noncircular slip surfaces were also checked;
generally, as the number. of points defining the
noncircular surface increased, the factor of safety
decreased, and the surface approached that of a

circular shape.
I

To check the factor of safety for a potential slip
surface occurring in the upper portion of tho
slope, wo limited the search to surfaces above

Elevation 55 feet. For this case, we found that a

circular slip surface tangent to Elevation 55 feet

yielded the lowest factor of safety, 6.05.

We also checked the factor of safety for the

potential slip surface that passed through the

potentially liquefiable layer below the toe of the

slope. In this case, the most critical slip surface

had a noncircular shape and a factor of safety of
3.66. The noncircular shape was favored
because of the relative weakness of the
liquefiable layer; however, the factor of safety for
this surface was greater than that for the toe

circle previously identified.

We also considered a potential failure surface
that passes along the interface of the proposed
pipelines and the sand bedding material. While
the interface friction between the steel pipeline
and the sand willbe relatively low, a failure
surface would have to be a relatively narrow,
three-dimensional surface for the interface
friction to have a significant influence. Ifthis
were the case, the potential failure surface would
also have to pass through the relatively strong
cohesive fillbetween the pipeline and the
ground surface. Because of the three-
dimensional effect and the presence of the
relatively strong cohesive fill,we judge that a

failure through the pipeline/soil interface is not
critical.

3.4 Pseudostatlc Slope Stability
Analyses

Pseudostatic analyses were performed to
determine the yield acceleration for the critical
slip surface obtained from the static slope
stability analyses. The yield acceleration is
defined as the horizontal acceleration coefficient
that reduces the factor of safety to 1.0. Using the
computer program UTEXAS3 and the strength
parameters presented in Section 2.0, we varied
tho horizontal acceleration coefficients to
identify the yield acceleration.

The results of our analyses indicate that the yield
coefficient for the critical toe circular surface
identified during the static stability analyses
(static factor of 3.24) is 0.67 g.
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3.0 Geotechnlcal Analyses

3.5 Deformation Analysis

In view of the very high computed yield
acceleration and the fact that very few peaks on
the acceleration time histories exceed the yield
acceleration, we did not perform a Newmark
type analysis. The Newmark analysis was
originally developed for evaluating relatively
large deformation of dams and earth
embankments during seismic events. These
deformation were generally on the order of feet.

Because of the simplifying assumptions used in
the analyses, the Newmark methods are not
appropriate for evaluating the very small
deformations that would be expected for the
slope under consideration. The very high yield
acceleration implies that the slope willbe
essentially stable during a seismic event and that
permanent deformations willbe negligible.
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4.0 CONCLUSIONS AND RECOMMENDATIONS

4.1 Uquefactlon Potential and
Seismically Induced Settlement

not significantly impact accumulation of
displacements.

As discussed in Section 3.2, localized areas of
the medium dense sand below the toe of the
slope may liquefy during the design level
earthquake. The effects of liquefaction will
include reducing the strength of the sands during
the event and potentially causing settlement of
the ground surface following the, event.
Potential settlements are discussed in HLA,
1996b. We judge that no appreciable lateral
movement willoccur because of,liquefaction.

4.2 Static Slope Stability

The analysis presented in Section 3.3 of this
report indicates that the slope is and will remain
stable under static loads. The most critical
potential failure surface passes through the toe of
the slope and has a factor of safety of
approximately 3.2. This factor of safety is well
above 1.5, which is generally accepted for design
in California practice. Therefore, we judge that
the slope willbe stable under static loading
conditions after the proposed ASW bypass
system is installed.

Therefore, we conclude that the slope willbe

stable during a seismic event and that additional
loads resulting from permanent deformation of
the slope willnot apply to the new ASW bypass
pipes.

4A Pipe Backfill

On the basis of the results of the analyses, we

judge that no special backfilling procedures will
be required to isolate the pipes from anticipated
slope deformation. Therefore, we recommend
that as a minimum, the pipes be bedded in clean
sands and that the sand extend to at least 12

inches above the tops of the pipes. The bedding
and initial backfill sand should be compacted to
at least 95 percent relative compaction. Trench
backfill above the sand can consist of existing
materials excavated to install the pipes. These
materials should be moisture-conditioned to near
optimum content, placed in lifts not exceeding 8

inches in loose thickness, and compacted to at
least 90 percent relative compaction.

4.3 Seismic Slope Stability

The analysis presented in Section 3.4 of this
report indicates that the minimum yield
acceleration is relatively high, at a value of
0.67 g. The PGAs for the design level earthquake
are 0.75 g for the Hosgri event and 0.83 g for the
Pacoima and Tabas events. Because the design
time histories have very few peaks that exceed
the 0.67 g yield acceleration, we judge that any
permanent deformations of the slope during a

seismic event willbe very small. We judge that
this conclusion also applies to an event that is 40

percent larger than the Pacoima and Tabas
events (i.e., those with PGAs of 1.16 g), since any
increase in the peak accelerations would likely
result from high-frequency motion, which would
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SPT-Based Analysis of Cyclic Pore Pressure
Generation and Undrained Residual Strength

CrC

Raymond B. Seed and Leslie F. Harder, Jr.

INTRODUCTION

Prominent among Professor Harry Seed's major contributions to
geotechnical engineering was the development of methods for evaluation of
the seismic stability and performance of dams comprised of, or founded on,
soils potentially vulnerable to liquefaction. This subject continued to
interest him over thc past twenty years, and the analytical procedures which
he and his collcagucs developed continued to evolve throughout this period.
This paper, based on recent studies and work in progress at the time of his
death, presents a summary overview of the most current techniques
advocated by Dr. Seed and his colleagues for such studies. These will bc
presented and illustrated by means of application to the re-evaluation of the

erformance of thc Lower San Fernando Dam during the 1971 San
ernando Earthquake, providing a clear demonstration of the methods

advocated and facilitating assessment of their performance when applied to
this important case history.

SUGGESTED APPROACH

Numerous engineers and investigators have contributed signiTiicantly over
thc past 20 years to the development of the engineering methods described
herein. Many of thcsc individuals worked closely with Dr. Seed, while many
others worked independently. Though too numerous to individually.cite
herein, their contributions are gratefully acknowledged.

'Assoc. Prof. of Civil Engineering, University of California, Berkeley, CA
94720. "Supervising Engineer, Calif. Dept. of Water Resources, 1416
Ninth St., Sacramento, CA 94236.
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Seed and Harder

Thc following procedures for evaluation of the seismic stability and

performance of dams comprised of, or founded on, potentially liquefiable

soils are evolved from procedures originally devclopcd by Dr. Scca and his

colleagues in the early 1970's fl, 2]. Thc most significant changes since

their early inception are: (a) increased reliance on in-situ tests as a primary

basis for evaluation of soil conditions, and (b) morc recent incorporation of

residual or "steady state" strength evaluation as a part of overall stability

and performance assessment. Humorous other, more subtle refinements in

analytical proccdurcs and recommended correlations will be presented

within the context of the overall presentation.

In simple, concise terms, the recommended approach for evaluation of

liq»rf~ciinn nntential and seismic stability and performance of dams

involves ten basic steps as follow:

l. Determine thc cross-section of the dam to be used for analysis.

2. Determine, with the cooperation of geologists and scismo(ogists,

thc maximum or most severe time history of base excitation to

which the dam and its foundation might bc subjected.

3. Determine, as accurately as possible, the stresses in the

embanhncnt before the earthquake; this is most effectively done

using finite element analysis techniques.

4. Determine the dynamic properties of the soils comprising thc

dam and foundation, such as shear modulus, damping

characteristics, and bulk modulus or Poisson's ratio, which

determine dynamic response characteristics. Since these

material characteristics are nonlinear, it is also necessary to

determine how the properties vag with strain.

5. Compute, using an appropriate dynamic finite element analysis

procedure, the accelerations and/or dynamic shear stresses

induced within the embankment and foundation. For narrow

canyons where the ratio of crest length:maximum dam height is

less than about 3:1, three-dimensional effects associated with thc

canyon sidewalls must be accounted for in these analyses. Two-

dimensional plane strain dynamic response analyses are

sufficient for most dam gcomctries where crest length is Iong

relative to embankment height. Onc-dimensional (columnar)

analyses are not ltencrally recommended for dynamic response

analysis of dams, but can provide suHiciently accurate results for

some cases.
6. Evaluate the resistance of potentially liquefiable soil types within

the dam and foundation to pore prcssure generation under cyclic

loading conditions. This is probably most effectively done at this

time using Standard Penetration Test (SFI) data, though recent

improvements in correlations between SPT and Cone

Penetration Tests (CPT) may render CFI' viable alternative

when soil conditions and geometry are already well-

characterized by means ofborings or other information.

7. Based on the results of Steps 6 and 7, evaluate likely pore

pressure generation or cyclic strain accumulation within the darn

and foundation. This constitutes an cvalua'tion of the potential

for "triggering" or initiating soil liquefaction.

Cyclic Pore Pressure 35>

8. Ifporc pressure generation in Step 7 is found to be potentially
signiTicant, cvaluatc thc residual undrained ("steady state")
strengths of the dam and foundation soils. This is probably most
reliably done at present based on SPT data, or on CFI'ata
correlated with SFI'-based relationships. Using thc resulting
residual strengths, evaluate the overall stability of the dam and
foundation. This 'constitutes a "post-triggering" stability
evaluation.

9. IfStep 6 and/or Step 8 show the dam to be safe with respect to
either "-triggering" or post-triggering manifestation of major slide
movements or dcforrnations, evaluate the magnitude of (limited)
overall dcformations likely to result from combined static and
dynainic loads, and assess their potential impact on dam stability
snA norfnrennn~a
%t 4 r ~ IVllll4IIH

10. Bc sure to incorporate the requisite amount of judgement in
each of the steps (1) through (9), being guided by a.thorough
knowledge of typical soil characteristics, the essentials of finite
element and dynamic response analysis procedures, and a
detailed knowledge of the past performance of embankments in
other earthquakes.

The importance of enginccring judgment at each step cannot be
overemphasized. A good example is Step 5: seismic response analyses. At
this stage there is always a need to weigh and balance the merits of
simplification and associated ease of parameter determination and analysis
agamst the potential loss of accuracy associated with oversimpliT!cation. For
example, tall dams in narrow canyons are subject to significant 3-D effects
associated with thc canyon sidcwalls, and conventional 2-D plane strain
dynamic response analyses can be misleading. On the other hand, fully3-D
response analyses are rendered extremely difficult by the overall size and
complexity of the problem, and the inability to generate and develop fully
3-D solutions with a sufficiently "fine" mesh can also adversely impact the
results. An optimum solution for some cases can be the use of 2-D, plane
strain analyses but with fictitiouslyhigh dynamic sh'ear moduli used to model
the additional restraint provided by the canyon sidewalls. The resulting
calculated dynamic shear strains within the embankment and foundation
can then be 'post-processed", using the actual (not fictitiously high)
dynamic shear moduli, to generate good estimates of the actual, 3-D cyclic
shear stresses. This, of course; requires considerable judgment, and it is
difficultto reduce such a procedure to a simple set of"rules".

Similarly, at the other extreme, simple one-dimensional (columnar)
dynamic response analyses can provide sufficiently accurate cyclic shear
stresses as to represent a reliable basis for liquefaction analyses for some
cases. Though these simplistic analyses tend to provide notoriously poor
predictions of accelerations, strains and cyclic stresses near the crest and
sloping faces of dams (due to their inability to correctly model the local
problem geometry and/or "topographic amplification"), they can provide

~ reasonably accurate estimates of cyclic shear stresses deep within the
interior of an embankment or its foundation, especially one with relatively
flat face slopes and a high ratio of crest length to dam height.
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Seed and Ilarder

THE LO%ER SAN FERNANDO DAMSLIDE OF FEBRUARY 9, 1971

The Lower San Fernando Dam in California developed a major slide in thc
unstream slope and crest as a result of the 1971 San Fernando earthquake
(4t = 6.6). An investigation of thc slide, including trcnchcs and borings, in
situ density tests, undisturbed sampling, index testmg, static and cyclic load
testing, and analvscs was performed and reported by Seed ct al. t1, 3, 4J and
Le et al. [5j. The field investigation showed that the slide occurred duc to
liquefaction of a zone of sandy and silty hydraulic fillnear the hase of t e

ce a .. TIi
h

upstream shell.

T.!o cross ccciinns of the Lower San Fernando Dam are presented in Fig.
1, onc showing the observations made iri a trench excavated througl:!hc
slide area and the other showing a rcconstructcd cross section of the darn,
illustrating the zone in which liquefaction occurred. Large blocks of
essentially intact soil from the upstream section of the dam moved into the
reservoir, riding over or "floating" on thc liquefied soil. After movements
stopped, thc liquefied soil was found to have extruded out below the toc of
the dam and up between the intact blocks, with maximum movements as
much as 200 ft (61 m) beyond the toe of thc dam. The block of soil which
contained the toe of thc rfam moved about 150 ft (46 m) into the reservoir.

Data from seismoscopes located on the abutment and on the crest of the
embankment indicated peak accelerations of about 0.55g at both locations,
and an analysis of thc seismoscope record on the dam crest indicated that
thc slide occurred about 20 to 30 seconds after the earthquake shaking had
stopped. Thus the large slide movements apparently developed in thc
absence of earthquake-induced stresses and were caused only by thc static
stresses due to the weight of the materials in thc embankment. It can thus
be inferred that thc earthquake shaking triggered a loss of strength in the
soils comprising the cmbanhnent and that itwas this loss of strength, rather
than the inertia forces induced by thc earthquake shakirrg, which lcd to the
sliding of the upstream slope.

White it is readily apparent that sliding due to liquefaction occurred in the
upstream shell of the embankment, performance data from the files of the
City of Los Angeles Department of %atcr and Power show that the water
levels measured in wells installed in the downstream shell showed only
small changes in elevation as a result of thc earthquake shaking f6). These
wells readings were obtained one full day after the earthquake, and so did
not provide a reliable indication of peak pore pressure dcvelopmcnt.
Nonetheless, the well readings, along with the absence of significant
dcformations of thc downstream shell of the dam, appear to indicate that
while the*earthquake may have caused at least some increase in porc
pressure ratio in the downstream shell and its foundation, there was no
signiTiicant extent of soil liquefaction in the downstream portion of the
hydraulic fill.
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Seed and Harder Cyclic Pore Pressure 357

I7iis slide represents a uniquely important case history for calibration and
verification of liquefaction and seismic stability analysis methodologies for
sl p s and embankments. Historical construction records as well as

allex et nsive post-earthquake geotcchnical investigations provide unusu y
good information regarding cmbankmcnt and foundation geometry and . os il
conditions. Instrumental recordings provide a good basis for development
of input accclcrations, as well as For evaluation of the results of dynamic
response analyses. Most important of all, however, is the fact that the
lar ely similar upstream and downstream zones of the dam behaved in

highly dissimilar fmhton, with thc npstrcam section sliding morc than t00
fcct into the reservoir, while the downstream section remained stable and
cd, ericnccd on!y minnr defqrmations of less than a foot at most locations.
Accordingly, using well-dcfincd condition~', a reliable an lysi;. meitgghdnlogy
must be able to use the relatively minor differences bctwcen the upstream
and downstream portions of the dam as a basis for accurately predicting
these significantly different observed modes ofperformance.

THE LOWER SAN FERNANDO DAshif

The internal t.cometry and soil conditions within the dam and foundation
arc well-established as a result of extensive geotechnical studies performed
in the early 1970's, and a second sct of studies performed over the past five

C'-'l. '.' 'cars [I, 5, 6, 7, 8]. Fibre 1(b) shows a typical cross-section through thc
wcr San Fernando K)am as it exis(ed immediately prior to the 1971

earthquake. Embankment construction began in 1912. The embankment
was founded on an alluvial foundation consisting primarily of stiff clayey
soils with layers and lenses ofsand and gravel.

The majority of the embankment consists of hydraulic fillplaced bctwcen
1912 and 1915. This material was sluiced from the floor of thc reservoir
and discharged from starter dikes on the upstream and downstream cdgcs
of the embankment. The actual dimensions of these starter dikes are
unknown. The hydraulic fillprocess resulted in upstream and downstream
shells consistine primarilv of sands and silts and a central core consisting
primarily of cfayey soifs. Construction photos of the hydraulic fili
placement and past reports indicate that the upstream and downstream
sections were raised symmetrically and constructed in a similar manner.
Therefore, it is reasonable to assume that thc general characteristics of the
upstream and downstream hydraulic fillshells are similar.

A 10- to 15-foot-tbick hydraulic fill layer consisting of ground-up" shale
from the left abutment was placed in 1916 over the initial hydraulic fill
described above. Limited sampling of thc ground shale in 1985 disclosed a
widely graded sand and silty sand, and construction records indicate that
the maximum particle size of the ground shale was about3 inches.

The embankment was raised a number of times between 1916 and 1930 by
placement of rolled fills. The maximum height of thc embankment of about
140 feet was reached in 1930. A thin blanket was placed on the lower part

of thc downstream slope in 1929 and 1930, apparently for seepage control
and to provide additional stability due to the raising of the crest. The
composition of the blanket was described in a posteonstruction rcport as amixture of shale and gravelly material placed in 12-inch layers and
compacted by trucks. The final addition to the dam was a 4.5H:1V {rolledfill)berm placed on the downstream slope in 1940.

EVALUATIONOF STATICANDCYCLICSTRESSES

An early stage of the analysis process involves evaluation of the static stress—ndi"ons with!n ttg~mmhankmettt hand foundation. These arc important intwo ways within the overall analytical scheme: (a) statii: sti'esses, «speciallyeffective confining stresses, can significantly influence dynamic responsecharacteristics (e.g. dynamic shear moduli), and so can influence qclicstress calculations, and {b) static stresses, principly the effective (vertical)overburden stress (a'o) and the static "driving" shear stress on a horizontal
plane (rt,„) can exert a significant influence on thc resistance to porepressure generation or "triggering" of liquefaction at any point within theembankment,

Seed et al. [1] presented results of static finite element analyses of LowerSan Fernando Dam performed using the computer program ISBILD f9]. Asecond, more recent analysis performed in 1987 is presented by Seed et al.
f6, 10], using the Gnitc element mesh shown in Figurc 2. Both analysesused similar modelling procedures, and both yielded similar results. This
type of analysis is, in general, relatively insensitive to choice of computercode, solution methodology, and even type of constitutive model. Thereare, however, several vital components to such an analysis: (1) nonlinear,stress and stress-level dependent soil behavior must be adequatelymodelled, (2) soil model parameters must provide adequate modelling ofthe in situ soils, and {3) hydraulic forces {e.g. bnuyancy and seepagegradients) must be included in the analyses.

Iiie 1987 analyses used the program FEADAM84 f11], a 2-D plane strainfinite elcmcnt code. Nonlinear soil behavior was modelled with the"hyperbolic" model proposed by Duncan et al. [12), as modified by Seed andDuncan f11, 13]. The analysis modelled construction of thc embankment ina series of "steps", placing ncw elements in the actual construction sequence.

Fig. 2: Finite Element Mesh - Lower San Fernando Dam
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Soils below thc water table were modelled using effective or bouyant" unit
weights to account for bouyancy in evaluating effective stresses. The effects
of seepage forces were evaluated based on an initial flownet analysis from
which seepage forces were derived; these werc then applied as cquivalcnt
nodal forces. Thc final calculated effective stresses within each clement
provided the kcy static stresses (a'o and rh„) necessary for subscqucnt
stages of thc overall analytical process.

Seed ct al. fl, 4) presented dynamic response analyses of the Lower San
Fernando Dam performed in 1972 using the program QUAD4,f14).
Similar analyses were performed more recently using the code FLUSII
[15), and the mesh illustrated in Figure 2. Both analyses used static
stresses, calculated as described above, as a basis for modelling dynamic
shear moduli of cohesionless zitttes, though slightly different —.~latin.""..ips
were used to model the nonlinear relationships between shear strain and
dynamic shear modulus and damping: f16) for the earlier analyses, and f17)
for the more recent analyses. Similarly, thc relationships proposed in [16)
were used to model strain-dependent moduli and damping in the cohesive
zones in the earlier analyses, and f18] in the more recent analyses.

The earlier analyses used the input motions described by Seed et al. [1, 4]:
{a) an interpretation of the abutment record by Scott [19], and (b) a
modified version of the time history recorded at thc Pacoima station during
ihe 1971 San Fernando earthquake. Thc modifications consisted of
trimming of acceleration pulses of greater than 0.9 g, then scaling thc
record to a maxiinum horizontal acceleration of 0.6 g, providing a motion in
good agreement with Scott's [20) interpretation of the 1971 seismoscope
record from the abutment of the Lower/an Fernando Dam, but without
the unusual low frequency components of the interpreted abutment record.
Thc morc recent analyses employed the modiTied Pacoima input motion
scaled to 055 g.

The results of the 1973 and 1987 analyses were in close agreement: both
~~

roduced maximum horizontal crest accelerations on the order of 0.5 to
.55 g, in good agreemcnt with the actual recorded peak crest accelerations.

Both analyses also calculated similar peak cyclic horizontal shear stresses
(r t,„<~;Q within the hydraulic fillzones of the embankment.

It is interesting to note that Jong [20] performed one-dimensional,
columnar analyses of individual vertical soil columns through thc
embankment using the program SHAKE f21]. These analyses, modelling
vertical propagation of shear waves and using the same nonlinear soil
models and soil parameters as the 2-D FLUSH analyses, significantly
underestimated both accelerations and cyclic shear stresses near the crest
and upper faces of the embankment. These analyses also, however,
provided relatively good agreemcnt with the 2-D dynamic resyonse
analyses with regard to cyclic shear stresses (r t,„hg within the hydraulic
fillzones near the base of the embankment, typically calculating peak cyclic
shear stresses only 5% to 15% lower than those calculated by the 2-D
analyses in these zones.
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N6o = Nx~E
60%

where ER or energy ratio is the "efliciency" or percent of theoretical free
fall energy delivered by the hammer system actually used to thc top of thedrill stem. This can be measured directly, using a pile analpcr, or can be
estimated (for the most common alternate systems in widespread use)
based on correlations and data summarized by Seed et al. [22, 23).

Having calculated the cyclic shear stresses resulting from the earthquake
loading at each point within the hydraulic fill, the next step is to cva1uate
the resistance of this material to cyclic pore prcssure generation or
accumulation of cyclic shear strain. This constitutes evaluation of the
resistance to "triggering" or initiation of potential liquefaction failure,
defined as sufficient porc pressure or stram accumulation to bring thc
material to a condition at which undrained residual {or "steady state" )strength willcontrol further behavior.

Figure 3 shows a recommended relationship between "corrected" SPT
nccietcation rectstnnrg. anti thc eauivaleat untftirm cvcitc stress ratio
required to "trigger" liquefaction during an earthquake with a duration (or
number of loadmg cycles) representative of a typical earthquake with a
magnitude of M = 7tt, as suggested by Seed et al. [22, 23). In this
relationship, cyclic stress ratio (CSR) is defined as the ratio of the cyclic
shear stress acting on a horizontal plane (rtvg to the initial (prc-
earthquake) effective vertical or overburden st'ress (cr'o), as CSR
(r h, Q/o'o. The relationships presented in Figure 3 represent a signiTiicant
impiovement over earlier, smular relationships developed by Dr. Seed and
his colleagues, as (a) they directly account for the influence of fines content
on the relationship between penetration resistance and liquefaction
resistance, and (b) they are based on a "corrected" or "standardized" SPT
penetration resistance.

The standardized penetration resistance {Nt)so is a new "standard" SPT
blowcount, based on standardized equipment and procedures as presented
{inpart) in Table 1 P2,23]. The use of other types of hammer {e.g. donut
hammers), or other types of mechanisms to raise and drop the Jiammcr
(e.g. automatic mechanical "trip" hammers, "&ee fall hammers, rope and
catbead with ~hr turns of the rope about the cathead, etc.), can impart
different levels of energy to the top of the drill stem. These non-standard
procedures and equipmcnt require correction of the blowcounts in order to
develop the standardized blowcount. The (Nt)6n "standardized" system and
procedures, combined with a "typical" rope and cathead system (with two
turns of the rope about thc cathead) typically deliver approximately 60% of
the theoretical "free fall" hammer energy to the dnll stem. For other
systems, the measured penetration resistances (N, blows/ft) should be
corrected as
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An additional correction, increasing the measured N-value by between -10%
to 30%, can be necessitated by tIie use of an ASTM standard sampler
configured to accommodate an internal sample liner (tube), but with thc
liner oinmittcd. This is fairly common practice in the U.S., and causes a
reduction in frictional drag inside the sampler, lowering thc blowcounts by
about IO%%uo to 30% (increasing percent change with increased blowcount),
as summarized by Seed ct al. [22, 23] relative to the blowcounts obtained
using a standard sampler with a constant inside diameter of 1.375 inches.

EIaving made any appro riate corrections necessary to develop thc
standardized blowcount (N t~ this penetration resistance must be further
corrcctcd to account for c Icctivc overburden stress to develop the final,
standardized and corrected penetration resistance (Nt)~ representative of
tiie "equivalent gcneiratiog resistance ai a nypothetlcaiovetburdcn attests
ofcr'o = 1 ton/ft (1 kg/cm )as:

(Nt)~ = N60x cN

Dr. Seed and his colleagues have long recommended a pair of relationships
bctwecn a'n and cN, one for sandy soils at D~~ 40 to 60% and one for +
~ 60 to 80%%uo, as shown in Figure 4. An alternate relationship, proposed by
Liao and Whitman [24] is cN = 1/Jo o where a'o is exPrcssed in units of
[tons/ftz]. This provides a relationship intermediate between the two
suggested relationships shown in Figure 4, and so eliminates thc need to
cstimatc Dtt. If DR must be estimated, for in situ, clean sandy soils not
placed recently, thc r x relationship presented in Figurc 5 can be
used as a guide [25]. is relationship should not be used for freshly-placed
soils, or for coarser materials than fine to medium sands.

CO

CO

Table 1: Recommended "Standardized'PT Equipment and Procedures
(AfterSeed, et al., 1984)

~ril~R0 h;

.ner 0 livr d m r'

w

C

Std. Sampler with: (a) O.D. = 2.00
inches, and (b) I.D. = 1.375 inches
(constant - i.e. no room for liners in the
barrel.)

A or AWfor depths less than 50 feet
N or NW for greater depths

2520 in;lbs. (60% of theoretical free fall
maximum.)

30 to 40 blows per minute

Measured over range of 6 to 18 inches
of penetration into thc ground

Fig. 3: Relationship Between Cyclic Stress Ratio Causing Liquefaction and

Nt-Values for M = % Barthquakes (After Seed, et al., 1984)
The relationships between (Nt)60 and the equivalent 'uniform cyclic stress
ratio ncccssary to cause liquefaction (CSQ) in Figure 3 can bc extended to
earthquakes of magnitude other than M~ 7'y noting that earthquakes of
larger magnitude tend to produce a longer duration of shaking and thus
more cycles of loading. Seed et aL [26, 27] present procedures for
convertmg a typical, irregular earthquake-induced cyclic load history to an
"equivalent" number of uniform loading cycles with an amplitude equal to
65/o of the peak or maximum amplitude of the irrcgular load history.
Processing a large number of recorded earthquake time histories using
these techniques, Seed et a), [26, 27] developed the "typical" or average
numbers of equivalent uniform loading cycles for different magnitut[e
events shown in Table 2.

For earthquakes of magnitude not equal to 7', the value of CSQ
dctcrmined from Figure 3 can be corrected to develop an estimate of the
CSR necessary to cause liquefaction as

SQ(M M) = CSRg(M~7)) CM

where CM values are a function of magnitude, as suggested by the first and
third columns of Table 2. These values are based on review of a
considerable body of laboratory test data [26]. An alternate procedure
would be to dcvclop an estimate of the number of equivalent, uniform
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overburden stresses. At higher effective overburden stresses, a given CSR
and number of loading cycles willbc more damaging. This is because while
soils generally develop higher cyclic load resistance with increasing
confinement, the ~n~U)')zd resistance as expressed in terms of cyclic
stress ratio usually dccrcases with increasing confinement. Accordingly,
values of CSQ from Figure 3 can be used for in situ conditions where''o <
1 ton/ftz (1 kg/cmz), but must be corrected fear conditions with initial
effective overburden stresses greater than 1 ton/ft as
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A recommended relationship between Q and a'o is presented in Figure 6,
based on data summarized by Harder [28).

Finally, all of thc above has been based on "level ground conditions", or
conditions in which thcrc is no static driving" shear stress acting on a
horizontal plane in thc soil. Generation of pore pressures and
accumulation of shear strains under cyclic loading can be significantly
affected by the presence of a static (non-cyclic) driving shear stress, and this
too must be accounted for in analysis of liquefaction resistance within dams
and embankments.

CS

Earthquake No. of representative
Magnitude, M cycles at 0.65 r~i<m~

Magnitude or Duration
Correction Factor:

CM

Table 2: Relationship Between Magnitude, Number of Equivalent Uniform

Load Cycles, and Liquefaction Resistance, Factor CM
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loading cles representing the earthquake in question (after Seed et al.,

)27]), anti then usc the second and thtrd columns of Table 2 to select an

appropriate value of C . Either of these proccdurcs result in relationships

b tw (N ) and C8g for earthquakes of other magnitudes than M

that arc in good agrcemcnt with available field data (22, 23), thoug

field (case history) data base is less extensive for events of other ranges of

magrutudc.

Virtually all of the field (case history) data reflected in I'igure 3 (and in

similar collections of data for other magnitude ranges) are for level ground

conditions and relatively shallow soils with relatively small initial cifective
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(where a is defined as the ratio ofstatic driving shear stress on a horizontal
plane to the initial effective overburden stress as tz = ri,„/a'0) Based on
data available at this time (data summarized by Harder [28), as well as
research in progress), it is suggested that the relationships between a and
Kt, proposed by Seed )29) be replaced by thc relationships prcsentcg in
Figure 7. These are based on data for conditions where a' 3 tons/ft (3
kg/cm2), and are appropriate only for these conditions. Xt higher initial
effective overburden stresses, soils willbe less dilatant or more contractivc,
and Q values willdecrease.

Seed and Harder

Early relationships suggested by Dr. Seed to account for this suggested that
thc presence of a static driving shear stress on a horizontal plane was
strongly beneficial, and that it significantly incrcascd thc soil's resistance to
liquefaction. This remains true for relatively dense soils, or soils which
would tend lo dilate under uni-directional shearing. More recent studies,
however, have shown that for very loose soils {soils which are less dilatant
or more contractive under uni-directional shearing), the prcsencc of a static
driving shear stress can actually decrease thc resistance of thc soil to the
initiation of liquefaction. Good data regarding this remains somewhat
limited, and further investigations of this would bc of significant value. The
original method proposed by Seed [29) to account for thc effects of driving
static shear stresses employed the followingequation
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In summary, the equivalent uniform cyclic stress ratio neccssaiy to cause ortrigger" liquefaction can be determined, based on knowledge of fivefactors: (Nt)+, finescontent, theinsitustaticshearstress(rt ) the'cffectivc overburden stress (a'„), and the earth uake ma ')of ival tlo di g I
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Figure 8 shows the results of Standard Penetration Tests (S~ erfin cohesionless soils (primarily sands and sil." sands) 'i
d 19% f Id

ream sec ion of the Lower San Fernando during thc 1971an ie invcstiptions, all in terms of the corrected blowcounts( t)6O VS. eleVatiOn. hO Similar tCStS COuld be rrerfOrmed in the uzone due to the slide damage. The 1971 SPf were estandard safety hammer and ro e and ullee< an rope a~annoy, and so required no hammer
quire that the resulting N-values be increased bv 10% to 30%22, 23] to develop corrected (NJ)d0-values. The 1985 KPT data alrequired a sampler correction, toectI)cr with a hammer cner c72/60 to account for a measured 5PT h ammer energy of72%.
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As shown in Figure 8, the resulting (Nt)6o values from 1971 and 1985 show

similar trends, and the hydraulic kill can be subdivided into four elevation
zones of apparently similar properties. Table 3 summarizes the

corresponding (N t)6o v'alues within each of these zones. As shown in this

table, two elevation zones appear to have signiTicantly lower penetration
resistances than thc other zones. It should be noted that, although "best

estimates" or mean values of (N~)6o are appropriate for these analyses of a

case study involving comparison with observed field performance, morc
conservative (lower than mean) values would normally be sclccted for
analyses performed in order to predict thc likely future behavior of any

given dam or embankment.

The (N ) values summarized in the second column of Table 3 arc based
. ~ aL 1 i la ~ ransaelr csnri enon''orrecl inn is renuircd to, rrni oton pvSL call ~ I quar c vsÃAsvvsawr saaav av ~ v ' ~ ~ ~ - ~ ~

for densification likely to have occurred duc to the earthquake shaking.
Seed et al. [6j have estimated that the prc-earthquake blowcounts in the
downstream hydraulic fillwould have been lower, on the average, by about
2 blows/ft, and this is reflected in the third column ofTable 3 which willbe
taken as thc values for the downstream zones in these analyses.

There is some minor question as to how these values should be

extrapolated to the upstream portion of thc hydraulic fillwithin which the

slide occurred. Similarity and uniformity of construction procedures
suoport the use of the same (Nt)~ values for the upstream section. On the
other hand, it has been suggested that the upstream section may have been
somewhat less densely consolidated due to reservoir bouyancy and the
absence of the downstream berms. If reservoir filling had been initiated
sufficiently quickly after completion of construction that full consolidation
of the cmbankrnent under its own weight was not completed, then thc
maximum difference in density between the upstream and downstream
hydraulic fillsections would have been such that the upstream (N~)@ values
would need to be reduced by about 1 blow/ft. As shown in taole 3, a

reduction of 1 blow/ft will be used for the analyses described herein. It
should be noted that this relatively minor decrease in the upstream section's

(Nt)6o values docs not explain thc signiTicant differences in pcrformancc

Table 3: Representative (Nt)~Values (Blows/ft) Within the Hydraulic Fill
Shells of the Lower San Fernando Dam

between the upstream and downstream sections. Instead, these differences
in performance are much more strongly influenced by: (a) the lighter
effective overburden stresses in the upstream section, which cause the
earthquake-induced cyclic stress ratios to be larger here than in thc
downstream section, and (b) thc higher a values in the downstream section,
due primarily to thc effects of seepage forces within the embankment.

In addition to establishing representative (N>)6o-values for the hydraulic fill
zones, it is also necessary to select representative Gncs contents for the
materials in these zones (percent by dry weight finer than a ¹200 sieve).
This is complicated by the tremendous variability of the gradations of these
materials, and their variability over small distances, both of which are a
natural consequence of the hydraulic fillprocess. Materials present range
room clean .ands ~nd ."'." s ' i y sands aiid bduu) sots toIpure silts and even clayey silts. Vertical striations, or abrupt changes in
radation, occur over mtervals of only a fcw centimeters or less.
onetheless, considering the overall nature of the hydraulic fillin the zones

of interest, a representative Gnes content of about 25% to 35% was selected
for these analyses.

The upstream and downstream hydraulic Gll zones (excluding the morc
cohesive core which was judged not to be susceptible to liquefaction due to
the primarily clayey soils present) was divided mto four elevation zones, as
shown in Figure 9 and Table 3. These zones were then subdivided into
"elements", as illustrated in Figure 9, and an evaluation of the likelihood of
initiating or "triggering" liquefaction within each element was performed,
using the information generated from all previous steps of the analyses
described up to this point.

As an example, consider the element in the upper level of the upstream
h draulic fill zone immediately adjacent to the "clayey core" in Figure 9.

e static driving shear stress and effective overburden stresses were
calculated (ip thc 1987 static stress ynalyses described previously) to be r v= 780 Ib/ft" and {r' 5/80 lb/ft, so that o = 780/5,280 = 0.147. 4
(N~)~ ~ 16 blows/It in this zone, with fines content ~ 25% to 35%, the
cquivalcnt uniform cyclic stress ratio necessary to cause liquefaction in
shallow, level ground conditions and a magnitude 7< earthquake (from
Figure 3) is CSR = 0.275. This must be adjusted for: (a) the matrnitude of
the San Fernando Earthquake (M= 6.6) based on Table 2, (b) thc effectsofdriving static shear stress (a = 0.15) based on Figure 7, and (c) the effectsofoverburden stress according to Figure 6 as

Elevation

1074-1057

1056-1039

1038-1024

1023-1000

19

14.5

24

145

Representative
Post-Earthquake
(N t)6o-Values:

Downstream Section

Representative
Prc-Earthquake
(Nt)~-Values:

Downstream Section

17

12.5

22

12.5

Representative
Prc-Earthquake
(Nt)+-Values:

Upstream Section

16

11.5

21

11.5

~4,tldd = CSQ x CM x Q x 4 = (0.275)(1.15)(1.2)(Q.76) = ~028

The peak cyclic shear stress on a horizontal plane in this element was
found, from the recent dynamic response analyses described previously, to
be rt,„~tie~~ 1845 lb/ft. Using 65% of this to establish the
corrcsp'onding equivalent uniform cyclic stress ratio
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Fig. 9: Results of Analyses of Resistance to Initiation or "Triggering" of

Liquefaction Failure - Lower San Fernando Dam

Comparing the equivalent, uniform, carthquakc-induced cyclic stress ratio

(CSR q) with the uniform cyclic stress ratio necessary to fully trigger

hquefaction, the factor of safety against "triggering" can be calculated as
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This factor of safety can bc interpreted in a number of ways. Figure 10

shows a plot of residual excess pore pressure ratio (r„= au/a'D) based on

laboratory test data for level ground conditions (a = 0) as summarized by

Tokirnatsu and Yoshimi, f30] for sandy soils, and Evans t31] and I-I]epics t32)

for eravclly soils, as summarized by Marcuson and Hyncs {33]. For non-

levet ground conditions (a i 0), the effective vertical stress need not

necessarily be fullyeliminated by pore pressure increases to initiate "large"

deformations in the presence of combined cyclic and "driving" static shear

stresses. Accordingly, when a < 0, the residual excess pore prcssure ratio is

best defined as thc ratio of cyclically-generated pore pressures (su) to thc

value ofau necessary to initiate large deformations (au~~) as

hu d

~utim

Less data is available regarding the relationships between r„and FSg for

non-level ground conditions, and differences of opinion exist as to how this

data can best bc interpreted. Much of this is duc to uncertainty regarding

the nature of the transition from a condition wherein cyclic porc prcssure

generation (or cyclic strain accumulation) behavior exerts pnmary control

on performance, to "post-triggering" conditions wherein undrained residual

(or "steady state" ) 'strengths control behavior.

Nonetheless, at this time it appears that a reliable analysis can be

performed by considering that:

1. Soil elements with low factors of safety (FQ < 1.1) would achieve

conditions wherein soil liquefaction failure should be considered to

I.O I.2

have bccn "triggered", and undrained residual strengths (S,) should bc
assigned to thcsc zones for furtber stability and deformation analyses.

2. Soil elements with a high factor of safety (FS h 1.4) would suffer
relatively minor cyclic pore pressure generation, and should be
assigned some large fraction of their static strength for further stability
and deformation analyses.

3. Soil elements with intermediate factors of safety (FS = 1.1 to 1.4)
should bc assigned strength values somewhere between (though in
some cases including) the values appropriate to conditions 1 and 2
above. Whether the values assigned should be nearer to the initial
static strength or to the residual undrained strength is a function of
FSz, whether 'or not the soil is judged to be strongly contractivc in uni-
directional shearing (and thus potentially vulnerable to "progressive"
failure), and levels of unccrtamty involved in various steps of the
analysis up to this point (for any speciTic case).

For these analyses of the Lower San Fernando Dam elements with (a) FS
< 1.1 will be assigned residual undrained strengths, (b) FS > 1.4 will bc
assigned 75% of their (drained) static strength, and (c) 1.1 < FS < 1.4 will
be assigned strengths dcvelo ed by interpolation, as a function of FSF,
between conditions (a) and b). Figure 9 shows thc distribution of Ffg
within the critical hydraulic fil zones.

I,~ I.d I.d '.8 2.2 2.6
FACFOII OF dAFSIY AOAIN8T LIOVEFACFION FSI

Fig.10: Typical Relationships Between Residual Excess Pore Pressure
Ratio and Factor ofSafety Against Liquefaction; From Laboratory
Data (Marcuson and Elyncs, 1989)
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Fig. 11: Relationship Between Corrected "Clean Sand" Blowcount
(Nt)6o.~ and Undrained Residual Strength (S,) from Case Studies

Figure 11 presents an updated correlation between S, and (Nt)60.~, based
on values back-calculated from an increased number of case studies, as
listed in Table 5. Many of thc S values presented are slightly different
from those originally prcscntcd [37) as: (a) improved techniques have been
used to account for dynamic effects (c.g. momentum) in developing
estimates of S from the field failures, and (b) additional data has recently
become avaifable regarding several of these case studies. It is
recommended that the lower-bound,'r near lower-bound relationship
between S, and {Nt)~~ in Figurc 11 bc used for residual undrained
strength analyses at this time owing to scatter and uncertainty, and thc
limited number of case studies back-analyzed to date.

Assigning "post-triggering" analysis strengths to thc various soil elements of
Figure 9, based on . ~ "nd Fio r~TO and 11, ihe resulting vost-earthquake
static factor of safety for thc most critical failure surface in the upstream
portion ol'he dam is considerably less than 1.0, indicating the onset of
major slide movements, in good agreement with the actual observed
performance. It is interesting to note that the actual residual undrained
strength of the lower zone of the upstream hydraulic fill{with{Nt)~"«11.5,
and {Nt)~.~ = 13.5 blows/ft) was judged to have been on the order of
S, = 300 to 500 psf, as shown in Table 5 and Figure 11. Assigning
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Tablc5: Undrained Residual Strength (S,) vs. Corrected Penetration

Resistance (Nt)~.~ Based on Analyses of Case Histories
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reasonable strength values to the upstream toe and overlying soil zones [1,

6J, an average residual undrained strength of S, = 800 to 900 psf in the

upstream hydraulic fillzone would have been required to provide an overall

factor of safety equal to one.

Assigning strength values to the various elements in the downstream

hydraulic fillzones, using the same procedures, thc resulting static factor of

safety is well above one (FS ~ 13 to 1.4). Applying Newmark-typc seismic

displacement analyses [48], as modified by Seed and Makdisi f49, 50J, and

using these assigned strength values, results in calculation of hkcly seismic

dispfacements for the downstream section of thc, dam of on the order of 4

to 30 inches, again in reasonably good agreement with the observed field

performance.

SUMMARYAND CONCLUSIONS

The methods presented herein are successfully able to rcproducc the

observed behavior of the Lower San Fernando Dam during the 1971 San

Fernando Earthquake, predicting large slide movements of the upstream

section and linuted displacements of the, downstream section. These

analytical methods, coupled with appropriate engineering judgments,

appear to provide a sound basis for evaluation of the seismic stability of

dams and slopes comprised of, or founded on, potentially liquefiable sandy
and silty soils. This is a tremendous achievement, and thc authors applaud
Dr. Seed and the many others who have contributed to the development of
these procedures over the last 20 years.

This does not mean that further advances would not be highly dcsirablc.
There is a need for additional study of the transition from conditions in
which cyclic pore pressure gcncration or cyclic strain accumulation control
behavior to conditions in which residual or large-strain strength and
deformation characteristics control behavior. Closely related to this issue is
the need to further investigate the influence of static "driving" shear
stresses, as currently incorporated in the analyses usiuit(x and I(, especially
at relatively high initial effective confining stresses. fn addition, there is a
need tu extend tl}csc nu'hods to „.r.. it.simi!ar, relish'nalysis of pravc)ly
soils (e.g. recent research involving the use of Becker Hammer large-scale
penetration resistance). Finally, additional investigation of the liquefaction
resistance of moderately plastic soils, and the inffuence of clayey fines on
liquefaction resistance would also be useful.

All of this would please Harry Seed, who so enjoyed the challenges
resented by his own geotcchiucal career and who cfevotcd so much of
imself to preparing the next generation for challenges such as these.
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Dynamic Loading Effects on Pile Capacities

Robert G. Bea

INTRODUCTION

Pile foundations for offshore platforms have been designed
conventionally using static or pseudo-static methods. Loadings
have been generally treated as static. Dynamic cyclic loading
effects have been explicitly addressed in pile lateral soil resistance
characterizations through "cyclic P-Y'lateral load-displacement)
curves. However, such effects have not. been explicitly addressed in
definition of axial soil resistance characteristics. Static, pile
capacity methods have been used to determine the pile penetrations
for the foundations of tho more than 6,000 oIfshore platforms that
are now located on the world's continental shelves. These founda-
tions have had a remarkably good record of reliability.

Recently, the offshore industry has begun development of a new
generation of deep water platforms in which dynamic loadings
developed by storm waves, and in some cases, earthquakes, are of
critical importance. Some of these structures are Qoating buoyant
platforms in which very large tensile forces are transmitted to the
pile foundations. Given storms or earthquakes, dynamic cyclic
forces are superimposed on these tensile loadings, and there is
concern for "cyclic creep pull-out" of the piles.

Some of the new generation of deep water, bottom-founded
structures are being designed so that dynamic cyclic loadings are
an unusually large proportion of the total design loading for the
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