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1 INTRODUCTION

in an enclosure to a letter of February 17, 1982. Docket No. 50-206
LS05-82-02-068. the NRC provlded an evaluation of the non-linear inelastic time
history analysis methodology for the San Onofre. Unit 1 masonry wall assessment.
This evaluation Included a list of technical questions and/or comments applicable
to the proposed methodology.

The information In this report is provided In response to these questions. This
information Is supplemental to the Iinformation provided in Volumes 1. 2 and
'3 of Report No. R543.02, entitled "Seismic Evaluation of Reinforced Concrete
Masonry Walls®. ‘ :

Foliowing this introduction a brief review of sallent points of the methodology
is presented. The questions from the NRC are addressed on an individual basis
in successive sections and conclusions are then presented.




2 REVIEW OF ANALYSIS METHODOLOGY

The methodology for the masonry wall evaluation at the San Onofre. Unit 1 plant
was based on the foliowing properties of the walls: '

a. Masonry units were reinforced both vertically and horizontally

b. Vertical and horizontal reinforcement was grouted in the walls

c. ‘Vertical reinforcment was dowelled into foundations at the base.

d. Vertical reinforcment was anchored into well reinforced bond beams
at the top.

e.  Walls were well anchored to other components of the structural
system. ‘ '

Under these conditions the centrally located vertical reinforcment provides a
ductile mechanism for out-of-plane loads that cause internal forces to exceed
the elastic limit -of the wall. The methodology that was developed takes into
account this ductile capability.

The procedures used In the methodology were based on a formulation of the
simpie equilibrium balance between the reinforcing steel and the masonry face
shell. Consideration of this equilibrium balance based on basic engineering
mechanics led to a relatively simple model which could be coded on existing.
well-tested non-linear computer programs. Once coded the model was capabie
of predicting reasonably well the actual load-deflection behavior of masonry
walls observed Iin experimental tests.

The modelling of any structure or component for dynamic analysis }equlres
consideration of three maln factors:

a. Modelling of the physical structure

b. Determination of the loading function
c. Selection of solution techniques.

The seismic loading function is provided by the use of recorded ground
accelerations scaled to envelope the 0.67g Housner spectrum. Solution techniques




for non-linear dynamic problems have been available for some time and have
been well tested and verified. Therefore the main effort in the development
of the methodology was in the physical modelling of the masonry walls. In
general the model was developed from engineering mechanics principles and
test results were used to validate some of the assumptions made.




3 ITEM 43 MASONRY FACE SHELL STRESSES
ESTION:

*During the entire analysis, the masonry face shell
is assumed to remain elastic. There is a likelihood
that the compressive stress at the face shell may
exceed the f'm value and spalling of the face may
“occur. There is no grout core to stabilize this
situation. This aspect needs thorough investigation In
terms of the strength of the masonry, strain/stress
magnitudes at face shell. and actual masonry block
behavior during shaking.® '
RESPONSE:

In the following sections this item is addressed in terms of experimental data
on the stress-strain relationship for plain concrete and basic engineering
‘mechanics principles for the deformation of sections under flexure.

From a series of basic assumptions a methodology Is derived for the face
shell stress-strain distribution under out-of-plane loads. Ultimate strain limits
in the extreme fiber are obtained from the results of published data. The
methodology Is then used to assess the stress distribution in the face shells
of the walls at San Onofre. Unit 1. The effect of variations in some of the
parameters is Included in the assessment.

The stresses at this stage are derived for purely out-of-plane loading. In Section
9 of this response the impact of this face shell compression on the capability
of the wall to withstand simuitaneous Iin-plane loading Is assessed.

3.1 Masonry Wall Behavior

A number of basic approximations may be made about the real behavior
of masonry walls under out-of-plane non-linear loadings. These are based
on engineering mechanics principles and on the results of test data.

1. In its most simplified form the wall deflects as two rigid blocks,
as shown In Figure 3.1, with a central concentrated plastic

hinge. The plastic hinge rntation may be obtained from geometry
as:




o opl = 2 ODp/ (/2
= 4 QOp/L
where Op = (Au - Ay, Le. plastic displacement

Total ultimate displacement is then obtained by the sum of
this plastic rotation plus the yleld rotation, obtained as the
area of the bending moment diagram at yleld over the plastic
hinge length. '

2. The stress—strain curve of the masonry may be ldealized as
a bi-linear formulation, as shown in Figure 3.2. The slopes
of the two lines. Em and E'm may be expressed as a function
of the masonry strength. f'm, and bounds on these slopes
are obtainable from test data.

3. The masonry face shells on the compression side have a linear

strain distribution over- the length of bearing. as shown on

Figure 3.3. : ‘

. 4. Plastic rotation is confined to the length of the plastic hinge.

() ] which in this formulation is considered to be equal to the

length of yielding rebar. Over this length the curvature is
assumed to be uniform.

3.2 Methodology
For out-of-plane loading there will be a variation of compression over the
face shell area. In the following sections these non-uniform stresses due

to out of plane loads are investigated.

Consider the area of face shell in contact. as shown in Figure 3.4. There
are 2 unknowns:

maximum outer fiber strain
contact length

Ec
b

From assumption 4 in the previous section. the curvature may be obtained
from the plastic rotation and plastic hinge length as:




€c = ©u/Lp. assumed uniform.

ailso the curvature may be expressed as:

Ye

eu/tp = Ec/b

Ec/d

therefore

€c = bOULDP . ... .. ... .. e e e (3-1)
The total force on the face shell is also known from
cC =T

where C Iis the total compression and T is the force in the rebar at yield
stress. '

Therefore assumption 2 may be used to determine the stress distribution
and hence the force in the face shell in terms of &c and b.

Using this relationship with equation (3-1) the strain Ec and bearing length
0 b may be determined.

Two formulations must be considered:

1. Extreme fiber 'strain less than the strain at f'm. In this case
the stress distribution is linear.

2, Extreme fiber strain greater than the yleld strain. where the
masonry stress is non-linear.

3.2.1 Linear Stress Distribution

Figure 3.5 (a) shows the strain and stress distributions in the face sheil.
The total compressive force is:

C = fcb/?

and from Equation (3-1)




b = &_‘,ch/eu
From assumption 1.

fc = EméE&c
therefore

Cc

(Em Ec)( EcLp)/(26u)

€c = YJecew/Emp . ... . ... ... ... (3-2)

3.2.2 Non-Llinear Stress Distribution
For the case where the extreme fiber strain exceeds the masonry yield
strain, the strain and stress distributions are as shown in Figure 3.5
b). : -
From Equation (3-1) the extreme fiber strain is

€c = bBu/Lp
and from section geometry.

€m = b'6u/Lp

The total compression on the section may be formulated in terms of
stresses as:

C = ('mb'/2) + ((fc+#'m)/2)(b-b")
substituting

b

EcLp/ou

and b’ €mLp/6u

this becomes

o« fmEnlp * Co + Fm€ -Em L a-o
_ 9,

20, 2




&

and from assumption 2 (Figure 3.2)

fc ='f'm + E'm(Ec -em) .........................

substituting (3-4) into (3-3),

2% = p o Em + @+ E'mEe - EmEs - E'm)
Lo '
rearrange.
2CO, = -'mEm *+ 2f'mEc + E'm(Eg' - 28mEe + E.'rzn)
L .

p

solve for .

- 2 , , , N
€c=-(2F M-2E'mEmt @'m—QE’mgjm)-4E'm(E’m(E'mE,,?;‘—2CGU/Lp - mE m)
- | 2 E'm

.............

3.3 Stress/Strain Limits

There is no available test data on the shape of the falling branch of the
stress strain curve for masonry face shells. A stiff testing machine is required
to trace the full extent of the descending branch of the stress strain curve
and this has not yet been done for masonry. Consequently the stress strain

relationship of plain unconfined concrete was used to define the falling
branch. '

~ The form of the stress strain curve for plain concrete is similar to that

shown in Figure 3.6(a), from Hognestad (3.1]. Ultimate strength design:-moment
capacity Is based on an extreme fiber strain of 0.003. Test results show
this 1o be conservative [3.2]. At this strain level the compressed concrete
in a flexural member will not show any visibie cracking or spalling even
though the strain Is greater than that corresponding to maximum stress
(3.4). Blume. Newmark and Corning (3.3] recommend that an extreme fiber
strain of 0.004 be used for computations of ultimate curvature involving
unconfined concrete.

Because of the similarity of unconfined concrete and the face shell of the




concrete masonry blocks this limiting strain value of 0.004 has been adopted
for this evaluation. Note that the ultimate strain limits from Appendix C
of ACI-349, used in the computation of rotational ductility in Section 6
of this report, are considerably greater than this value of 0.004, ranging
from 0.007 to 0.012, Therefore the value of 0.004 may be considered
conservative relative to the ACI-349 ultimate strain capacities. '

The form of the stress strain curve shown in Figure 3.6(a) has been adopted
to determine ultimate strains In the San Onofre. Unit 1 masonry walls with
the modifications shown in Figure 3.6(b). which are made both for compatibility
with the known masonry properties and for simplifying computations:

a. The maximum stress f'’c in Figure 3.6(a) is replaced with the
specified minimum compressive strength, f'm.

b. The parabolic shape to maximum stress levels is replaced by
a straight line with the same average slope. 2f‘m/Em.

c. The elastic modulus. Em, Is assumed to be 1000f'm, giving
a strain of 0.002 at maximum stress.

d. The slope of the desc'endlng branch of the curve is computed
as 0.15f'm/(0.002-0.0038) = -83.33f'm.

These values have been used to define stress strain parameters for use
in the equations developed In the previous section. Based on these equations
the ultimate strain and stress values for each of the San Onofre. Unit 1
masonry walls included in the evaluation have been computed. These are
discussed in the following section. The effect of variations in the parametsrs
defining the stress strain curve are also investigated and presented in Section
3.5.

34 ' San Onofre. Unit 1 Wall Stresses

The tface shell strains "and stresses for the San Onofre, Unit 1 masonry
walls are summarized in Table 3.1. For each wall the extreme fiber stress
and strain are listed. together with the maximum stress. For ultimate strains
less than 0.002 the maximum ‘stress occurs at the extreme fiber. For strain
levels greater than 0.002 the maximum stress occurs between the extreme
fiber and the neutral axis. The bearing width or distance from the extreme




fiber to the neutral axis is also tabulated for each wall.

The maximum strain in all cases Is less than the limit of 0.004. Only two
walls, TB-9 and TB-10, have strains greater than 0.003. in all of the Reactor
Auxillary bullding walls the stress in the face shell is linear as the maximum
strain level does not exceed 0.002. For all the remaining walls the strain
levels are such that the extreme fiber stress is less than the maximum
value.

3.5 SEAOSC Test Stresses

During 1980 and 1981 the Structural Engineers’ Association of Southern
California (SEAOQSC) carried out load tests on a series of 30 wall panels
constructed of reinforced concrete, reinforced concrete masonry and reinforced
brick. The 24'-0" tall test specimens were loaded monotonically using an
air bag to deflection levels reaching 18° at the wall mid-height. Details
of the tests and the results obtained are given in References 3.5 and 3.6.

The procedures used to determine the masonry- face shell stresses and
strains for the San Onofre, Unit 1 masonry walls have aiso been applied
to the concrete masonry walls included In the SEAOSC tests. The SEAQSC
tests showed that no spalling of the face shell occurred at the displacements
that were recorded during the tests. The compressive stresses obtained
analytically from the SEAQOSC tests are listed in Table 3.2

- The stresses were first computed for the same plastic hinge length used

in the wall evaluation. i.e. Lp = 18". However examination of the deflected
shapes recorded over the wall height indicated that the hinge length was
considerably longer. about 57°. Therefore stresses were also computed for
this length and for one intermediate value, 35°. These results are aiso
tabulated in Table 3.2. "

The strains at the extreme fiber are very large for an Lp = 18, and far
greater than would be required to cause spalling. This confirms that the
actual hinge length was much longer than 18°. If a hinge length of 57°
is assumed from the deflected shape of the SEAOSC tests then maximum
strains ranging from 0.00162 to 0.00346 are obtained. These values are
similar to those obtained for the San Onofre., Unit 1 masonry walis when
Lp Is assumed to be only 18"




The levels of compression In the SEAOSC test specimens are much higher
than for the San Onofre, Unit 1 masonry walls due to the higher steel
ratio and higher steel yield strength.

Although definitive conclusions cannot be drawn from these test resuits
they Indicate that spalling does not occur at the stress, strain and deflection
levels given in Table 3.2. Since these values are greater than the levels
obtained in the San Onofre, Unit 1 masonry walls this is additional evidence
that the face shells are capable of accomodating the maximum strains.

3.6 \Variations In Stress/Strain Parameters

The effect of variations in the following parameters was studied by computing
the face shell stress/strain distributions in a 20°'-8" wall with an effective
central deflection of 9" and reinforcing of #5 at 32"

a. Masonry specified strength, f'm was varied from 1350 to 2150
psi because test resuits almost invariably produce actual
capacities greater than the specified minimum. This is a variation
of +60%.

b. The steel strength was varied to allow for a possible overstrength
of up to +12.5% (5 ksi). This was achieved by varying the
face shell .compressive force. which is directly proportional
to the steel strength.

c. The slope of the ftirst, elastic curve (Em/2) on the masonry
stress strain curve was varied by +/-20%. i.e. from 400f'm
to 600f'm.

d. The second falling slope of the masonry stress strain curvé

was varied by +/-20%. i.e. from -100'm to -66.68f'm.

e. The effective plastic hinge length was varied from 18" to 42",

The results of these parameter studies are summarized in Table 3.3 and
the resuits presented graphically in Figures 3.7 to 3.11. In these figures.
-the tace shell stress distribution is piotted above the horizontal axis and
the sgraln below the horizontal axis. Each plot shows the effect of variation
of one of the parameters listed above: A summary of these effects is as




foliows:

a. An Increase in the masonry strength causes an increase In
the extreme fiber stress but a decrease in the maximum strain
levels. The 60% Increase in f'm produced a decrease in
ultimate strain of about 30% and a similar reduction in the
width of face shell in bearing.

b. The Increase in the steel yleld strength, Fy. and the
corresponding increase in total compression force on the face
shell had a relatively small effect on the face shell. A 12.5%
increase in Fy produced a 10% Iincrease in the extreme fiber
strain. Note that such an increase in steel yield strength would
reduce the deflections and thus the plastic rotation and ultimate
strain. Therefore the effects would actually be less than
computed in this section.

c. The maximum strain increased in inverse proportion to the first
slope of the masonry stress strain curve. A 20% decrease
in Em produced a 6% strain increase and a 20% Iincrease
produced a 4% reduction.

d. The results proved insensitive to a change in slope of the falling
branch of the masonry stress strain curve of +/- 20%.

e. Maximum strains decreased markedly for an increase in the
length of the plastic hinge. For a length of 42°, less than
the apparent hinge length from the SEAQSC tests, the extreme
fiber strain was less than 0.002 and thus the stress distribution
was linear.

3.7 Summary .

A number of basic approximations enabled a formulation for the stress
and strain in the masonry face shell to be derived. Consideration of
experimental data on unconfined concrete provided a proposed limit of 0.004
on the ultimate strain in the extreme fiber. The computed strains in all -

walls were less than this value and in all but two walls were less than
0.003.
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. The results of the SEAOSC tests were processed to provide face shell
stresses and strains using the same formulation. if the plastic hinge length
of 57" inferred from the deflected shapes was used the maximum strain
in the test walls was 0.00346. This is the same order as the maximum
value obtained from the San Onofre., Unit 1 masonry walls and provides
experimental evidence that no face shell spalling occurs at these levels.

A serles of parametric studies has shown that the assumed ranges of
uncertainty in a number of parameters would not be sufficient to significantly
change the evaluation of the walls.
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® BUILDING WALL EXTREME FIBER MAXIMUM BEARING
1.D. STRESS | STRAIN STRESS WIDTH
TURBINE TB-1a 1244 0.00295 1350 0.442
TB-1b 1311 0.00235 1350 0.501
TB-2 1310 0.00236 1350 0.500
TB-3 1310 0.00236 1350 0.500
TB-4 1310 0.00236 1350 0.500
TB-5 1244 0.00295 1350 0.442
TB-6 1244 0.00295 1350 0.442
TB-7a 1244 0.00295 1350 0.442
TB-7b 1310 0.00236 1350 0.500
TB-8 1311 0.00235 1350 10.501
' TB-9 1178 0.00353 1350 0.416
TB-10 1178’ 0.00353 1350 0.416
TB-11 1244 0.00295 1350 0.442
TB-12 1244 0.00294 1350 0.592
VENTILATION VB-1 1288 0.00255 1350 0.921
VB-2 1288 0.00255 1350 0.921
vB-3 1288 0.00255 1350 0.921
0 VB-4 1288 0.00255 1350 0.921
REACTOR SB-1 878 0.00130 878 0.592
AUXILIARY SB-2 878 0.00130 878 0.592
sB-3 878 0.00130 878 0.592
SB-4 878 0.00130 878 0.592
SB-5 534 0.00079 534 0.974
SB-6 878 0.00130 878 0.592
SB-7 878 0.00130 878 0.592
NOTES:

1.

The values listed above are the maxima from the three earthquake
records considered in the analysis.

TABLE 3. ; SONGS-1_MAXIMUM STRESSES AND STRAINS




i A e L e

WALL | TYPE | Lp MAX. EXTREME FIBER MAXIMUM BEARING
# DISP. STRESS STRAIN STRESS WIDTH
1 10° 18 7.10 1888 0.00406 2460 0.762

CMU 35 2254 0.00227 2460 0.829
57 2389 0.00162 2460 0.963
2 18 8.00 1780 0.00459 2460 0.764
- 35 2209 ~0.00250 2460 0.808
57 2362 0.00175 2460 0.923

3 18 || 19.00 . Cannot achieve equilibrium . '
35 1545 0.00574 . 2460 0.782
57 2012 0.00346 2460 0.767
4 8" 18 11.20 1568 0.00641 2595 0.762
CMU 35 2233 0.00333 2595 0.771
1 s7 2454 0.00231 2595 0.871
5 18 [ 10.30 1696 0.00582 2595 0.752
35 2281 0.00311 2595 0.782
57 2480 0.00219 2595 0.896
6 18 14.80 885 0.00957 2595 0.861
35 2031 '0.00427 2595 0.747
57 2343 0.00282 2595 £ 0.804
7 6" 18 17.70 1318 0.00904 3185 0.680
CMU 35 2578 0.00429 3185 0.628
57 2941 0.00292 3185 0.697
8 18 15.90 1663 0.00774 3185 0.648
35 2678 0.00391 3185 0.638
57 2996 0.00272 3185 0.721
9 18 11.00 2075 0.00619 3185 0.624
35 2934 0.00295 3185 0.694
57 3139 0.00218 3185 0.834

TJABLE 3.2 : SEAQSC TEST STRESSES
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deflection of 9°.

JABLE 3.3 :

EFFECT OF VARIABLES IN STRESS/STRAIN CURVES

central

PARAMETER VALUE OF EXTREME FIBER MAXIMUM BEARING
VARIED VARIABLE STRESS STRAIN STRESS WIDTH
Masonry Specified 1350 psi 1193 0.00339 1350 0.421
Mininum Strength 1550 psi 1413 0.00306 1550 0.379
' ' 1750 psi 1632 0.00281 1750 0.349
1950 psi 1850 0.00262 1950 10.324
2150 psi 2067 0.00246 2150 0.305
Steel Strength 40 ksi 1193 .0.00339 1350 0.421
41 ksl 1186 0.00346 1350 0.429
42 ksi 1178 0.00353 1350 0.438
43 ksi 1170 0.00360 1350 0.446
44 ksl 1163 0.00367 1350 0.455
45 ksi 1155 0.00374 1350 0.463
Masonry Moduius 400 f'm 1225 0.00361 1350 0.448
(Elastic Slope) 450 f'm 1207 0.00349 1350 0.433 -
500 f'm 1193 0.00339 1350 0.421
550 f'm 1182 0.00331 1350 0.411
600 f'm 1172 0.00325 1350 0.403
Masonry Modulus =100 f'm 1160 0.00341 1350 0.423
(Falling Slope) -91.7 m n77 0.00340 1350 0.422
~-83.3 f'm 1193 0.00339 1350 - 0.421
-75.0 f'm 1210 0.00338 1350 0.420
-66.8 f'm 1226 0.00337 1350 .0.418
Plastic Hinge 18" 1193 0.00339 1350 0.421
Length. Lp 24° 1265 0.00276 1350 0.456
30" 1306 0.00239 1350 0.495
36" 1332 0.00216 1350 0.535
- 42° 1344 0.00199 1344 0.576
NOTES:
1. All studies were performed on a 20°'-8" wall with an effective
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FIGURE 3.1 WALL DEFORMATION
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FIGURE 3.2 MAEONRY STRESS-STRAIN CURVE
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~-Cracked mortar joints

Linear strain distribution

NOTE: Deflection scale distorted by 2.5
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FIGURE 3.4

ST»RAINVDISTRIBUTION IN FACE SHELL
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4 (TEM 4(®) DAMPING SPECIFICATION

QUESTION
‘In the non-linear analysis the concept of modal and
Rayleigh damping. .which is applicable Iin the linear
analysis, is used. The treatment of damping needs
additional |justification/ verification. In addition. the
seven percent value used also needs additional
verification. Considering the uncertainty in the treatment
and the value of damping. at least a parametric study
will be required to address the concerns in this area.”

RESPONSE:

The response to this item is divided into three parts. In Section 4.1 a justification
of the actual material damping used is given. Section 4.2 describes the ‘means
for lmplememln'g this damping int6 the model for the evaluation of the walls
and in Section 4.3 the resuits of a number of studies to determine effective
damping are presented. '

4.1 Material Damping Value

For all analyses it was assumed that the viscous damping ratio for masonry
was 7% of critical. This value Is as specified In the BOPSSR criteria for
San Onofre. Unit 1, for cracked masonry and is based on the similarity
between cracked masonry and reinforced concrete. The same material
mechanisms which give rise to damping apply to both materials. and damping
of 7% is widely used for reinforced concrete at DBE load levels.

The design loadings for the masonry walls at San Onofre. Unit 1 are far
in excess of the levels required. to cause cracking and it is therefore
considered to be valid to use the 7% value rather than the 4% specified
in the BOPSSR criteria for uncracked masonry.

it should be noted that the value of 7% for DBE loadings Is also consistent
with the NRC "SEB Criteria for Safety-Related Masonry Wall Evaluation® which
was provided as an enclosure with the technical questions. Section 4 (@)
.of these criteria specifies that "Damping values to be used ‘for dynamic
analysis shall be those for reinforced concrete given in Regulatory Guide
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1.61". This referenced document provides for 7% of critical damping under
DBE load levels for reinforced concrete.

4.2 Impiementation in Model

The energy loss In elastic systems occurs solely through viscous damping
which is proportional to velocity. In nonlinear systems an additional energy
loss occurs through hysteretic material response. In nonlinear analysis this
latter form of energy loss Is Incorporated by the use of yléld functions
for the inelastic materials. The viscous damping effects are included by
the use of damping constants applied to the velocities.

To obtain these damping constants use is made of the uncoupled modes
of the original elastic structure in the form of a Rayleigh formulation where
the damping matrix is defined as:

[C] = alM] + bIK]
where

[C] = damping matrix

{(M] = mass matrix

(Kl = stiffness matrix
and

a and b are damping constants.

Each of these damping constants Is frequency dependent. For linearly elastic
analyses the frequencies of the normal modes and thus modal damping
remain constant. However when nonlinear material response occurs the
concept of normal modes Iis not valid. The effective damping .will then vaky
as degradation causes the frequenéy of the response to vary. To account
for this the damping constants are selected such that the effective damplng
will not exceed the specified value when period elongation occurs due to
material nonlinearity. '

To ensure that the specified dampl'ng was not exceeded in the San Onofre.
Unit 1 wall" evaluation a further conservatism was introduced by specifying
stiffness damping for the plane stress elements only. The gap elements
modelling the face shell and the truss elements representing the rebars
had hysteretic damping effects only. This is a significant conservatism as
the deformations are concentrated in these joint elements and so a significant
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1 portion of the stiffness damping has been neglected. In the following section
the impact of this conservatism is assessed.

4.3 Parametric Studies

To assist in determining the effective damping in the analyses energy plots
have been produced. These plots provide a graphic representation of the
total energy input to a system and the corhponents'of this energy. The
total energy is divided into its components of elastic strain energy. hysteretic
energy, damping energy and kinetic energy. The elastic strain. energy and
the kinetic energy together represent the amount of energy stored by the
structure. The remaining two components, damping plus hysteretic energy.
are the amount of dissipated energy. The difference between the sum of
the stored and dissipated energy and the total input to the system by the
‘earthquake accelerations Is the energy error. For the San Onofre. Unit
1 masonry wall evaluation the kinetic energy was zero because no static
loads were applied concurrently with the earthquake loads.

Figures 4.1 to 4.4 represent the results of these studies. These time history
plots are for the center displacement and the total enery calcuiations for
two analyses of the Turbine Building Group | walls. The first two represent
full elastic response. obtained by setting the yield level of the rebar very
high. The second pair of plots are for the Inelastic response of the same
model. using the actual rebar yield level.

The particular wall used had the full added mass effects included. This
gave the greatest displacement response of any wall included In the evaluation
and also showed the maximum period elongation due to inelastic effects.

Because of the the difficulty of quantifying damping in an inelastic system
rellance has been placed on studying the comparable response ‘between
the elastic and ineiastic analyses of the same systems. From the similarities
and the differences engineering judgment allows conclusions to be made
about the effective damping.

The following comparisons between the two analyses may be noted:
‘a. Displacements for the elastic system as shown In Figure 4.1

were similar to the Inelastic response of Figure 4.3 for the
initial segment of the earthquake record but after several cycles
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of yielding the Inelastic displacements were several times the
elastic vatlues.

The displacement time histories Illustrate'clearly the divergence
of the period of response of the Inelastic system compared
with the elastic frequency response which remains essentially
constant with almost entirely first mode response.

The total energy represented by the upper line in the plots
of Figures 4.2 and 4.4 shows the rate of energy input into
the structure. After a slow bulldup from zero to 1.5 seconds
the steepest gradient occurs from 1.5 to 3.0 seconds
representing the strongest shaking. From 3.0 to 6.0 seconds
a second perlod of strong shaking occurs and the slope then
reduces for the remainder of the analysis as the intensity
decays. '

The total energy input tnto both the elastic system and the
yielding system is essentially the same up to a time of 6
seconds. After this period the rate of energy input to the
yielding system is reduced as the period elongates.

At time 6.0 seconds the total input to both systems is
approximately 9200 Ib-in. For the elastic system 1200 Ib-in of
energy Is stored and the remaining energy Is dissipated by
the total damping of 8200 Ib~in. For the inelastic system slightly
less energy Is stored. 1000 ib-in, and of the remainder 1800
Ib-in Is dissipated by hysteretic behavior and 6400 Ib-in by
damping. Thus the elastic model dissipates 89% of the total
input by damping and the inelastic model 70%. The inelastic
model also dissipates 20% by non-linear material behavior.

At the end of the analysis, 30 seconds. the total'energy to
the elastic system Is 19200 Ib~in of which 18800 Ib-in is
dissipated by damping. or 98%. The inelastic system has a
total energy Input of 17600 Ib-in., 8% less than for the
equivalent elastic system. Of this total 14% Iis dissipated In
hysteretic materlal response and 84% In the viscous damping
mechanism. The remaining 2% is stored as elastic strain energy.

Conclusive evidence as to the exact proportion of critical damping in an
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inelastic system cannot be obtained because of the complexity of the changing
frequency of the system. However the results discussed above are considered
to give a general validation that the method of incorporating the specified
damping Iinto the masonry wail mode! effectively provides conservative levels
of damping. At the end of the period of strong shaking the inelastic model
has lesslpated considerably less energy by damping cbmpared with the
elastic analysis, 70% compared with 89%. even though up to this stage
the total energy input is similar and the frequency response of both responses
is similar.

At the conclusion of the portion of earthquake record analyzed. 30 seconds.
essentlally all the total input In the elastic system Is dissipated by the
specified 7% darhping with only 2% stored as strain energy. For the non-linear.
model the damping in the model dissipates 84% of the total energy with

most of the remainder dissipated as hysteretic behavior.

4.4 Summary -

The specified 7% damping used for cracked reinforced concrete masonry
under DBE loads has been |Justified in terms of the similarity of the
mechanisms of material damping between reinforced masonry and reinforced

concrete. This similarity has been recognized in the NRC criteria for masonry

evaluation.

The method used to implement this damping in the nonlinear model has
been explained in more detail and the general proportion of effective damping
illustrated by comparing the total energy balance with an equivalent elastic
system. The nonlinear model was demonstrated to dissipate approximately
20% less energy by viscous damping using the specified damping constants
even when the total energy and frequency response of both systems was
similar. Both systems stored only a small fraction of the total energy as
strain energy. For the elastic response the remainder was dissipated entirely
by viscous damping and for the yielding system was split between hysteretic
and viscous damping.
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5 ITEM 4( REBAR LENGTH AND Ut

QUESTION:
*The selection of the length of rebar assumed to
yleld In the analysis is arbitrary. At present. there
iIs no data to provide the basis for such selection.
Also. it needs to be verified that the parameter, Ljt.
related to cracked joint wldths s problem
independent.”

RESPONSE:

Figure 5.1 shows the way in which the parameters Ljt and Lb were utilized
in the inelastic masonry wall model. These two parameters, the rebar length,
Lb and the assumed width of the cracked foint, Ljt, effectively define the siopes
of the two lines forming the hysteresis curve for the cyclically loaded specimen.
In addition the length of rebar assumed to yleld, Lb. effectively defines the
plastic hinge length and governs the maximum steel strain. Values for these
parameters were not selected as an arbitrary choice but were based on theoretical
considerations as Is discussed in the response to this question.

The cracked foint width, Ljt, was expecte'd' to be an 'important parameter in
the development of the model and figured prominently in the early series of
parametric studies. However, these studies showed that the non-yielding portion
of the wall could be accurately modelled using an average effective stiffness
based on 1.5 times the transformed moment of inertia. Thus in the final model
Ljt was not of major importance since it only contributed to the total length -
of yielding rebar in the hinging portion. Its use in defining the stiffness in
the elastic portion was replaced by the use of 1.5 times the cracked moment
of inertia.

The response to this question Is divided into two parts in the following sections:
Section 5.1 provides theoretical considerations for the justification of the rebar

length and the effective stiffness based on Ljt. Section 5.2 presents the results
of a parameter study on variations in the two parameters Lb and Ljt.

5.1 Theoreucal Considerations

The effect of cracking on a section of wall under flexure is shown in Figure
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5.2. The cracking wiil be concentrated at the mortar joints and between
these joints transfer of stress by bond in the grout core will cause some -
tension in the uncracked masonry units. Therefore the steel stress will reduce
from a maximum at the cracked joints to a minimum at the center of the
masonry unit. The effective stiffness. El. will vary inversely to the steel
stress.

This behavior defines the effective stiffness of a partially cracked wall. As
the moments increase the steel stress distribution may be used to track
the spread of the hinging portion of the wall. This is discussed further
in the following sections as it effects the parameters Lb and Ljt.

5.1.1 Yielding Rebar Length. Lb.

Consider a section of wall adjacent to the centeriine as shown in Figure
§.3. For an increasing uniform ioad the maximum moment occurs at
the center and the steel stress will first reach a value of yield at this
position. At adjacent mortar joints the steel stress is defined by the
shape of the bénding moment diagram. Between the mortar joints the
steel stress reduces to some lesser value depending on the stress
transferred to the masonry unit by bond.

As the load is increased the steel stress at the yielded joint will increase
due to strain hardening. By statics the stress at adjacent joints will
Increase proportionately and yield will be reached at adjacent joints.
At the same time the steel stress within the blocks will also Increase
and yield will extend beyond the joints. Eventually the strain hardening
at the center joint will -increase the stress sufficiently that the yield
will extend completely through the block. At this point it is probabie
that bond will be completely lost in this block, especially when the
situation Is occurring under cyclic loading conditions.

It the value of the bond stress., u. and the steel strain hardening ratio.
SHR. are known the points at which ylelding will spread may be
computed. Figure 5.3 has been computed for values of u = 300 psi
and SHR = 1.0%. The successive lines drawn are for strain ratios (Eu/Ey)
in the steel of 0. 10 and 20 times yield respectively. It can be seen
that at a ratio of 10, yielding has spread to three adjacent blocks but
the steel stress within the blocks remains below yield. At a ratio of
20. yleld has been exceeded throughout the 2 blocks adjacent to the
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~centerline, and at this point bond loss could be assumed for this

distance. Therefore the effective yleiding rebar length is 16° each side
of centerline, for a total of 32°.

The value used in the San Onofre. Unit 1 wall evaluation was 9" each
side of centerline, for a total of 18°. The values computed above show
that this situation would occur under relatively modest strain ratios
between 10 and 20, or less than this for lower bond stress and/or higher
strain hardening. In fact the bond stress would likely be considerably
lower due to the effects of cyclic loads. - '

Thus it is concluded that the value of Lb used Is conservative and
less than the probable value from theoretical considerations. In the
parametric studies in following sections it is shown that the use of
this lower value produces conservative results.

5.1.2 Cracked Joint Width, Ljt.

In the parametric studies reported in the foliowing sections it Is
demonstrated that the joint width Ljt is of minor importance in the final
model. It was replaced by the use of 1.5 icr in the ‘non—ylelding portions
of the model and thus this section will show that the effective stiffness
of 1.5 lcr is a reasonable value. ' ’

The resuits of tests reported in Volume 2 did show an effective stifiness
of 1.5 Icr up to yield level. The concrete code ACI-318 provides a
method for computing the effective moment of inertia for deflection
calculations, based- on the gross -and transformed moments of inertia
and the ratio of maximum moment to cracking moment. This formuia
is based on very extensive reinforced concrete test programs and Is
used in this section because of the similarity in the elastic cracked
stiftness of reinforced grouted masonry and reinforced concrete.

In Figure 5.4 the deflections under loads up to yield level are computed
for the Turbine Building Group | walls. Deflections are based on values
of gross moment of inertla, cracked moment of inertia and 1.5 times:
the cracked moment of inertia for the linear curves. The third order
curves formed by the ACI 'equatlon have been computed based on 3
values of the ultimate tension stress for the mortar: (1) 40 psi, (2)
1.33 times this value and (3) 1.67 times this value. It is seen that
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the deflection at yield predicted by using 1.5 lcr Is In quite good
agreement with the deflection predicted by these values. Therefore It
is demonstrated that the effective stiffness used In the model Is
reasonable compared with the stiffness obtained by alternative procedures.

5.2 Parameter Studies

The theoretical considerations presented in Section 5.1 indicate that the values
used for Lb and Ljt are not arbitrary but are based on engineering principles.
Their specific values do have a degree of uncertainty and consequently
a series of parameter studies was performed to examine the impact on
the response of a masonry wall of variations In the values of both Ljt and
Lb. These studies and the results obtained are described in the following

SGCthﬂS

For all studies a 20'-8" wall from the Turbine Building without any added
mass was selected. This wall Is typical of wall numbers TB-1, TB-5, TB-6
and TB-7 and had the greatest span of all walls inciuded in the evaluation.
it also had relatively light vertical reinforcing compared with the Ventilation
Building walls. For these reasons the steel strains and the difference between
the gross and cracked stiffness were each at a maximum. Therefore it
was considered that the greatest effects of variations in Ljt and Lb would
be determined by studying this wall.

5.2.1 Effect of Varying Ljt.

The value of Ljt adopted for the original wall evaluation was 2 inches.
To study the effect of this parameter the wall was also aynalyzed with
values of Ljt = 0.5%, 1.0° and 3°, As discussed previously it was expected
that the importance of this parameter would be minimized due to the
adoption of an effective stitiness of 1.5 times the transformed stifiness
for the non-ylelding portion of the wall. Ljt was used only in the yielding
portion of the wall. Note that for these parametric studies the coordinates
of the model were adjusted so that the Iength of yielding rebar, Lb.
remained constant at 18 inches.

The resuits are summarized in Figure 5.5 and the first part of Table

5.1 In terms of th? maximum central deflections and the steel strain
ratio or local ductllity demand. In general the length of Ljt had little
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effect on the values of these response parameters. especially for joint
widths from 0.5" to 2°. The maximum variation from the values for the
"benchmark® 2 inch joint were +3% and -4% in central deflections and
+4% and -5% In the steel strain ratios. These differences are not
considered significant.

5.2.2 Effect of Varying Lb.

The method of modelling the ylelding rebar was studied by varying the
length of the single yielding rebar. The element modelling the ylelding
rebar was modified so as to have lengths of 2°, 10", 22* and 30-.
compared with 18" used In the San Onofre, Unit 1 wall evaluation.

The results are shown in Figure 5.6 and are tabulated in the lower
part of Table 5.1. Note that the "benchmark® analysis remains that which
used the 2" joint width,

For variable lengths of a single rebar the defiection results “peaked"
at a length of 22°, where central deflections were 7% greater than
for the 18° length. Rebar lengths less than 18" provided smalier
deflections and a length of 30" caused slightly greater deflections aithough
less than for 22°. The stee! strain 'ratio was inversely proportional to
the rebar length as would be expected since the yielding became more
concentrated for' the smaller rebar lengths. However as discussed in
Section 5.1 if Eu/By Is greater than 20 yielding would occur over a
greater length than that used Iin the analysis. Consequently the strain

‘ratio resuits for the 2" and 10" yield‘ lengths indicate that these are

not realistic since yieiding would occur over a greater length. This
was confirmed by the analysis of the SEAOSC tests reported in-Section
3.5 which suggested a hinge length of 57°.

5.3 Summary

The original parameter studies used to develop the methodology had shown
that the effective stiffness of the wall in the non-yielding portion could
be modelled using an effective moment of inertia rather than using elements
representing all cracked joints. it was therefore expected that the importance
of the parameter Ljt would be minimized. This was demonstrated by a series
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of parametric studies where variations In Ljt from 0.5 to 3" caused less
than 5% variation in response. Deflections computed using the effective
moment of Inertia from the ACI code confirmed that the effective stiffness
used for the non-ylelding wall was reasonable. '

Theoretical considerations showed that yield would spread out from the
point of maximum moment through adjacent masonry units at relatively low
steel strain ratios. The value of 18 inches selected for the wall analysis
was not arbitrary but was based on engineering judgement. Conservatism
was used in evaluating the value of Lb from theoretical considerations and
a serles of parametric studies were performed to validate the conservatism.
The series showed that as the length of yielding rebar decreased deflections
tended to decrease and steel strain ratios to increase. For short lengths
of yielding rebar the steel strain ratios indicated by the analysis were of
such magnitude that bond loss would be certain to occur and therefore
the actual yield length would undoubtedly increase inferring that a short
rebar yield length is not realistic.
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0' | PAhAMETER

| VALUE OF DISPLACEMENT _(ins) STEEL STRAIN
- VARIED VARIABLE MAXIMUM MINIMUM RATIO

| " Joint Width 0.5° 9.56 -9.70 20.5

j Lt 100 9.39 -9.67 20.2

2.0° (M 9.28 -9.36 19.7

3.0" 8.88 -9.14 18.7

Rebar Length | 2° 7.85 -7.63 124.0

Lb 10° 9.16 -9.18 34.2

22" 9.97 -10.04 19.1

; 30" 9.71 -9.85 13.8

¥ NOTES:

| a

TABLE_5.1
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Ljt = 2.0° was used for the evaluation of the San Onofre, Unit 1
walls (Benchmark). '
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6 I[TEM 4(d) DISPLACEMENT DUCTILITY

QUESTION:
"The permissibie ductility is only mentioned with
respect to quantification of maximum permissible strain
in reinforcing steel. However. quantifications of the
ductility In termd of force/deflection, moment/curvature
(analogous to that given in Appendix C of ACI-349)
need to be further examined and their significance
discussed.® '

RESPONSE:

Appendix C of the ACI 349-80 code provides limits of ducilities defined both
as displécement and rotational deformation ratios. It also allows that “applicable
theoretical or experimental evidence may be used to justify requirements less
conservative than those of this ap;;endix.' (C.1.4). It Is felt that the methodology
and criteria developed for the San Onofre. ‘Unit 1 masonry wall evaluation would
thus be Included under this clause and therefore be presented as an alternative
to the appendix provisions.

However. thé limitations applied by this code as they apply to the San Onofre.
Unit 1 masonry walls have been computed and compared with the maximum
values obtained from the time history analyses. In the following section the
method used to develop the numerical ductility limits is described. The computation
of the equivalent values from the time history results is then discussed. A table
comparing the allowable and the maximum values is presented.

6.1 Permissible Ductility Ratios

AC! 349 defines the ductility ratio as the ratio of the maximum acceptable
displacement to the displacement at the effective yleld point of the structural
element. This ductility ratio Is limited to a maximum value of: '

005
/QD‘- (i;:EFyf 10

This limit may be computed directly from the reinforcing and block dimensions
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for each type of wall at San Onofre. Unit 1.

Clause C.3.4 further limits the rotational capacity to 0.0065(d/c). not greater
than 0.07 radians. From the commentary this is seen to be the product
of the ultimate curvature and the plastic hinge length. The limit on the
ultimate curvature is given by

IWTJ=€U/C

where ¢ Is the distance to the extreme compression fiber and where
fu is the ultimate strain obtained from the expression below:

€u = 0.003 + 0.5/z

z Is the span distance in inches from the point of maximum moment to
zero moment. For simply supported walls z is one half the span length
and so for the spans at San Onofre., Unit 1 this equation gives ultimate
strains ranging from 0.007 for the highest walls to 0.012 for the low walls
in the Reactor Auxillary Building. '

For convenience for comparison with analytical results this can be expresse‘d
as a limitation on the maximum curvature ductility, l.e. ultimate curvature
divided by the curvature at first yleld. where yield curvature Is obtained
as :

’ly"y=-M/El

M is the moment at yleld and E and | are the modulus of elasticity and
moment of Inertla respectively.

For each wall both the displacement and the curvature ductility limits have
been computed and compared with the maximum values from the énatysls,
derived as described in the following section.

6.2 Maximum Values from Analysis

The maximum displacement ductility for each analysis has been obtained
directly by cividing the maximum or ultimate deflection by the deflection
at the time of first yield at the center of the wall.
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The curvature ductility ratlo has been obtained by dividing the maximum
curvature occurring in the analysis by the yleld curvature. The yleld curvature
has been computed as M / El as described in the previous section. The
maximum curvature has been caiculated by dividing the maximum plastic

" rotation by the plastic hinge length, defined here as the length of yielding

rebar. The plastic rotation Is obtained by geometry from the maximum piastic
defiection and the length of the wall. conservatively assuming a concentrated

hinge.

6.3 Comparison of Maximum vs Allowable Ductility

Table 6.1 provides a comparison of the maximum permissible ductilies with
the maxima obtained from the analysis for each earthquake record using
the most heavily loaded portion of each wall. Both displacement and curvature
ductilies are tabulated. Also listed are the maximum permissible values from
ACI-349 Appendix C. i ' ‘

For all walls the displacement ductility is less than one half of the allowable
values from ACI-349 for all earthquakes. The curvature ducility was less
than the aliowable values from ACI-349 except for two walls. in two of
the Turbine Bullding walls. TB-9 and TB-10. the maximum curvature ductility -
of 17.4 under the scaled El Centro earthquake record exceeds the maximum
allowable value of 13.9 by about 25%. However the steel ‘strain ratio ‘in
all walls was less than the limit of 45 set in the criteria in Volume 1 of
the report. The other 2 eai'thquake records for the same walls produce
curvature ductliity values approximately 65% of the allowable valus.

The relationship between the dléplacement ductility. the curvature ductility

and the steel ductility (steel strain ratio) is illustrated in Table 6.2. In this

table the maximum value from the three earthquake records for each 'ductlllty
is tabulated. Numerically the steel- strain ratio is the largest value for the
Turbine Bullding walls ‘and the curvature ductility is higher for the other
two building. Displacement ductiiities are several times smaller than either
of the other two ductilities.
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BUILDING WALL PERMISSIBLE MAXIMUM FROM ANALYSES
I.D. /& ] EL_CENTRO TAFT ___OLYMPIA
| o | Ay e Thy TAs [Ae 1 Fa [ A
TURBINE TB-la 10 13.9 3.7 13.6 1.5 3.4 2.7 7.6
TB-1b 10 17.9 2.9 9.6 2.1 53 3.3 8.4
TB~-2 10 17.9 1.9 4.8 2.0 5.2 3.4 9.7
TB-3 10 17.9 1.9 4.8 2.0 5.2 3.4 9.7
TB-4 10 17.9 1.9 4.8 2.0 5.2 3.4 9.7
TB-5 10 13.9 3.7 13.6 1.5 3.4 2.7 7.6
TB-6 10 13.9 3.7 13.6 1.5 3.4 2.7 7.6
TB-7a 10 13.9 3.7 13.6 1.5 34 2.7 7.6
TB-7b 10 17.9 1.9 4.8 2.0 5.2 3.4 9.7
TB-8 10 17.9 2.9 9.6 2.1 5.3 3.3 8.4
TB-9 10 13.9 46| 17.4 1.7 5.2 2.6 8.9
TB-10 10 13.9 4.6 17.4 1.7 5.2 2.6 8.9
TB-11 10 13.9 _3] 13.6 1.5 34 2.7 7.6
TB-12 10 13.2 3.3 10.4 1.1 1.3 2.4 6.3
VENTILATION | VB-1 10 5.7 1.8 5.6 E E 1.1 2.4
vB-2 10 5.7 1.8 5.6 E E 1.1 2.4
VvB-3 10 5.7 1.8 5.6 E E 1.1 2.4
vB-4 10 57 1.8 5.6 E E 1.1 2.4
REACTOR $B-1 10 13.2 1.9 4.5 1.5 3.1 1.8 4.2
AUXILIARY sB-2 10 13.2 1.9 4.5 1.5 3.1 1.8 | 4.2
SB-3 10 19.8 E E E E E - E
SB-4 10 13.2 1.9 4.5 1.5 3.1 1.8 4.2
SB-5 10 19.8 E E E E E E
SB-6 10 19.8 E E E E E E
sB-7 10 13.2 1.9 4.5 1.5 3.1 1.8 4.2
NOTES:
1. Displacement ducility Is /(,%
2. Curvature ductility is /A-y
3. Turbine Walls TB-1 and TB-7 are of variable height. Sections marked _
*a" are 21'-4" high and those marked "b" are 14'-8°.
4, *E" Indicates elastic response as shown in Volume 3.

JABLE 6.1

: MAXIMUM DUCTILITY RATI
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BUILDING WALL - DUCTILITY
L.D. - DISPLACMENT CURVATURE STEEL
TURBINE TB-la 3.7 13.6 24.6
TB-1b 3.3 9.6 121
TB-2 3.4 9.7 13.0
TB-3 3.4 9.7 13.0
TB-4 3.4 9.7 13.0
TB-5 3.7 13.6 24.6
TB-6 3.7 13.6 - 24.6
TB-7a 3.7 13.6 . 24.6
- TB-7b 3.4 9.7 13.0
TB-8 3.3 9.6 12.1
TB-9 4.6 17.4 25.5
TB8-10 4.6 17.4 25.5
TB-11 3.7 13.6 24.6
TB-12 33 10.4 16.8
VENTILATION vB-1 1.8 5.6 3.65
vB-2 1.8 5.6 3.65
VB-3 1.8 5.6 3.65
vB-4 1.8 5.6 3.65
REACTOR SB-1 1.9 4.5 3.78
AUXILIARY SB-2 1.9 45 3.78
SB-3 E E E
SB-4 1.9 4.5 3.78
$B-5 E E E
SB-6 E E
SB-7 1.9 4.5 +3.78
NOTES:
A,
1. Displacement ducility is /A& = By
2. Curvature ductility l's /l., = 9y
3. Steel Ductility Is /as » %_
4. Turbine Walls TB-1 and TB-7 are of variable height. Sections marked
*a" are 21'-4" high and those marked °b® are 14'-8".
5. “E" indicates elastic response as shown in Volume 3.

TABLE 6.2 : MAXIMUM DUCTILITY RATIOS
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7 ITEM 4(e) AIR BAG TESTS

ESTION:
It is doubtful that the air bag used in test to load
walls provides a uniform pressure on the surface
of the wall as intended. It is unclear that the wall
be analyzed as a cantilever beam, a compressed
beam., or as a slab with different edge conditions.”
'RESPONSE:

The details of the SEAOSC tests were provided solely to illustrate that the integrity
of a well anchored and reinforced masonry wall is maintained. even when
deflections considerably exceed thé wall thickness. The results were not used
for any purpose beyond this and were not included as part of the model

verification.

For this reason it Is maintained that the actual pressure distribution on the

wall is not of major importance. It is possible that at high deflections the contact
wili not be uniform along the wall height but nevertheless the demonstration

of structural integrity is not aitered.
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8 I(TEM 4(h COMPUTER PROGRAMS

QUESTION:
"Details of ‘computer codes are not known. Degree
and order of accuracy, error propogation, numerical
stability, Integration schemes and ail pertinent
verification ~data for numerical analysis shoul(d be
provided for assessment of the computer codes. Are
there any numerical damping induced to the solution.
How does it compare with the system damping."

RESPONSE:

in the following sub-sections the computer codes used for the evaluation are
presented and the accuracy and numerical stability of the solutions are .discussed.
The results of analyses to demonstrate these facets are given and numerous
references are provided. i

8.1 Computer Codes

The two computer codes used for all wall analyses were DRAIN-2D and
ANSR-Il. Both these programs were developed at the University of California,
Berkeley and have been Iin general use for a number of years. The basic
references for these programs [8.16, 8.17, 8.18, 8.19] detail the solution
strategles and provide verification examples for the programs. In the following
sub-sections specific details of these codes are summarized.

8.2 Accuracy of Solution

The accuracy of a time history analysis is assessed by measuring the amplitude
and frequency distortion as a function of the sampling rate when a scheme
Is applied to the solution of an undamped linear oscillator. The errors
associated with the time step choice have been shown to grow rapldly' as
the time step is increased [8.9). For linear problems utllizing the trapezoidal
rule. equilibrium Is satisfied at the time step intervals but not within the
steps. If equilibrium were satisifed at all times the exact response would
be obtained. - which is not the case.
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However, for non-linear problems equilibrium errors may be present at the
beginning of any time step. These errors can occur if the structural stiffness
and/or viscous damping matrix change at the end of the preceding time
step because of material nonlinearity. Therefore for non-linear problems
the accuracy of the solution Is directly related to how well dynamic equilibrium
is satisfied. In general the accuracy of the solution is inversely related
to some norm of the unbalanced force vector. This norm of unbalanced
force may be reduced by decreasing the time step (i.e. second order of
accuracy [8.10D, by iteration or by use of an event-to-event solution strategy.

DRAIN-2D uses a combination of equilibrium correction and event-to-event
strateglés. ANSR-Il uses Iteration and equilibrium corrections. The accuracy
of the solution USlrig the latter program has been assessed by repeating
the same analysis with a reducing time step. There was very little difference
between the larger and smaller time steps (Figure 8.1) and therefore the
accuracy of the solution strategy is assured.

Greater accuracy has been shown to be possible by controlling the equilibrium
error in the middie of the time step [8.11]. A new version of DRAIN-2D
has been released wih this feature to improve accuracy. This enhanced
program, DRAIN-2D2 [8.12], uses an automatic time step selection scheme,
where the time step size Is adjusted based on the maximum norm of the
midstep equilibrium unbalanced vector (the “"midstep error®). To provide a
further check on the accuracy of the results the problem was repeated
using DRAIN-2D2 with specited maximum tolerances of 20k and 40k on

the midstep error. This provided virtually the same response as that predicted

by the original version of DRAIN-2D, as shown Iin Figure 8.2

8.3 Numerical Stability

The stability of a solution may be assessed by studying the ampmudé grov«)th
of the computed solutions to linear and non-linear problems. Whereas the
stability of integration operators have been established for linear systems
(8.2 to 8.8] additional considerations are required for non-linear systems.
In general the stability of a linear system is a numerical problem related
to the spectral radius of the integration operators of the different schemes.
However, for non-linear analyses the source of instability is more compiex
and results in amplitude increase and hence in the accumulation of energy

errors.
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The Newmark methods are unconditionally stable for ¥ » 0.5 and e) 0.25(¥
+ 0.5 ). which Is the case for the trapezoidal rule.

For non-linear problems assessment of the enefgy error Is a good indication
of the stability of the system [8.13. 8.14].  DRAIN-2D2 has therefore been
used to calculate the growth of energy and prints the energy values at
each step so that stability problems can be identified [8.12]. In addition,
the program provides a breakdown of the contribution of each component
to the overall energy balance as follows:

D Elastic Energy : Recoverable energy absorbed by the elements.
2) Plastic Energy : Non-recoverable energy absorbed by the
- elements. ‘

3 Damping Energy : Energy absorbed by damping effects.

4) Kinetic Energy : Energy stored by the velocity of the concentrated
nodal masses.

5)  Siatic Energy : Energy input to the system through work done
by static loads

6) Dynamic Energy : Energy input to the system through Inertia
forces caused by ground accelerations.

Ip) Energy Error : The difference between the totals of the input
and the absorbed energy. l.e. (5+6)-(1+2+3+4), '

The examples analyzed using DRAIN-2D2 as described above showed a
maximum energy error of 0.3%. This is much less than the precentage
which has been found to indicate instability. which is in excess of 10%.

8.4 Numerical Damping

In many structural dynamics problems only low mode response Is of interest.
Finite element discretization introduces high frequency modes which are
physically meaningless and which should not be allowed to participate in
the solution. Therefore for only low mode response It is often advantageous

for an algorithm to possess some form of numerical damping to dampen
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participation of these higher modes. However. most algorithms with numerical
damping also introduce extensive damping into the lower modes and thus
make the solution Inaccurate. Wilson's method. with 8 = 1.4, produces 7%
damping at dvT = 10 and thus is too dissipative in the lower modes. To
avoid this phenomenon a new family of unconditionally stable integration
methods for linear systems' has been introduced by Hilber., Hughes and
Taylor [8.10, 8.15]. This is called the «-dissipation method. where the
parameter a Introduces numerical damping which dampen the higher modes
only and does not introduce the lower mode damping of the Wilson method.
However the method is complicated and does not satisfy equilibrium at
the end of the time step.

The Newmark family of methods allows the amount of dissipation to be
controiled by a parameter other than the time step and when the quantity
¥ is taken as 0.5 there is no numerical damping. This is the case for
both DRAIN-2D and for ANSR-Il. Therefore the only damping present in
each of these programs is physical damping lntroduced through stiffness
and/or mass porportional damping. For fixed initial stiffness proportional
damping values damping of the spurious higher modes at least comparable
to the e«c-dissipation method is provided. Therefore it is concluded that the
trapezoidal scheme with stiffness damping which introduces no numerical
damping is superior for the DRAIN~2D and ANSR-Il types of application.
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9 |ITEM 4(g) COMBINED LOADS

" QUESTION:
*Assessment of the impact of transverse load on
In-plane carrying capacities. and vice versa. is needed.”

RESPONSE:

A discussion of the impact of combined loads on the masonry walls Is given .

in the commentary to the criteria in Section 3.3 of Volume 1 of the report.
This discussion considers all the possible combinations of the in-plane modes
of behavior with the concurrent effects of out-of-plane loadings. Because the
major impact of the out-of-plane loads Is on the horizontal plane at or about
the wall mid-height it Is concluded in that commentary that the only additional
effect which must be checked for the combined load case is the -compression
in the face shell due to the in-plane bending moment at the wall mid-height.
For walls in double curvature the in=plane moment Is zero and thus the additional
compression Is .negiigible. For walls in single curvature the compression must
be computed.

In the foliowing section the compression stresses due to in-plane loadings are
considered for the two types of In-plane loading at San Onofre. Unit 1.

1. Walls required to provide laterai load resistance to the building.
e.g. Ventilation Building.

2. Walls with connections such that the only in-plane loads are due
to the wall self-weight such as In the Turbine Building.

For the most severely loaded wall In each of these two buildings numerical

limits on the simultaneously appiied in-plane shear based on the assumed spalling
strain are computed.

9.1 Turbine Building Wall TB-9

Wall TB-9 Is subjected to the greatest face shell strain, as shown in Table
3.1. The stress and strain distributions under 100% out-of-plane loading
are as shown in Figure 9.1. ' ’




As simultaneous In-plane loadings are applied the strain will increase parallel
to the out-of-plane strain until the spalling fimit strain of 0.0040 is reached.
as shown in Figure 9.1. Therefore the maximum allowable Iin—-plane loads
are such as to cause an increase In strain from 0.00353 to 0.00400. The
maximum compression per unit length of face shell may then be computed
as the difference between the areas of the two stress distributions.

From the stresses in Figure 9.1 this incremental compression has been
computed as 64 Ib/inch. As the wall is effectively rigid in-plane and subjected
to a uniform acceleration the loading is a -uniformly distributed load up
the wall height. Therefore a relationship between the acceleration level.
a. and the maximum extreme fiber compression, fc, may be derived as
shown in Figure 9.3.

For wall TB-9 the height is 20 feet and the weight constant at 61 psf
and so the maximum acceleration may be computed as:

a = 0.02085 L .

where a Is the maximum acceleration in g's
L is the wall length in feet.

This gives allowable values from 0.42g for a 20 foot long wall to 0.83¢g
for a 40 foot length. This is the in-plane load applied concurrently with
100% of the out-of-plane loads and so represents 40% of the total in-plane
loads. in accordance- with the specified toad combinations. Thus the effective
acceleration limits are 1.04g and 2.08g for the 20 and 40 foot wall lengths
respectively. These values are considerably higher than the specified ZPA
of 0.67g. and higher than the amplified peak of 0.93g for 7% damping.

One of the Turbine Building walls, TB-5. has a length of only 10'-0". However
the strain in this wall due to out-of-plane loads is lower, 0.00295. This
allows an Incremental compression of 185.8 Ib/in, and the expression in
Figure 9.3 gives an aliowable acceleration of 0.61g under combined loads.
l.e. 40% of in-plane loads. Therefore the total allowable in—plane load Is
that corresponding to 1.53g. again higher than the maximum amplified peak.

9.2 Ventilation Building Wall vB-1

A similar procedure may be followed for the Ventilation Building wall VB-1,




where the stresses and strains due to 100% of out-of-plane loads are
as shown in Figure 9.2, These walls are more heavily reinforced than the
Turbine Building walls and have considerably smaller maximum deflections.
Therefore the strain diagram extends further across the face shell.

When the strain is increased parailel to the limit of 0.00400 the neutral
axis falls slightly Inside the face sheil and so the stress diagram is truncated
as shown In Figure 9.2. For these lateral load resisting walls it has been
assumed that the full ioad is applied at the top of the wall and an equation
formulated to obtain the limiting in-plane moment at the mid-height in terms
of the applied shear force. .

This maximum shear Is V = 0.829 x L x L. where L is the wall length
in inches and V Is the limiting in-plane shear in pounds. The Ventilation
Building walls .are 44 feet and 21 feet long giving maximum shears of 231.1
kips and 52.6 kips. These values represent 40% of the in-plane loads.
and therefore the total shear force limits on the walls are 577.8 kips and
131.6 klps/respectlvely. These values are much higher than the limits applied
by the purely In-plane modes of behavior and thus flexure at mid-height
is not a critical design case.

9.3 Summary

The face shell compressl've stresses and strains as derived in- Section 3
of this response have been extended to include the effects of concurrent
in-plane loading. Numerical examples have been computed for the two most
critically loaded wall types.

The in-plane forces in the Turbine Building walls are generated by.the
self-weight of the walls and they are able to withstand acceleration levels
greater than the maximum spectral acceleration before the limiting strain
is reached. In the Ventilation Buiiding in-plane forces are generated by
the response of the building and the limit occurs at shear levels higher
than those permitted by the purely in-plane modes of behavior. Therefore
the combined loadings do not have an adverse impact on the wall response.
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10 ITEM 4(h) WALL ATTACHMENTS

ESTION:
*The local and gross effects of attachments on the
wall (such as condult. piping and equipment) were
not properly considered in the analysis. The evaluation
of the effect of possible local damages and gross
motion of the attachment on the overall analysis of
the wall is needed. S
RESPONSE:

in the following sections this item Is addressed In terms of both local effects
and overall efftects on the wall evaluation based on the support conditions,
the strength of the connections and the weight of the egquipment.

10.1 Local Effects of Attachments

The type of attachment used to fasten eguipment. piping conduit etc. to
the masonry walls varies throughout the plant. However a typical type of
attachment is very commonly used and the local effects of this are considered
below. This evaluation Is restricted to the local effects of the tension on
the attachments caused by horizontal earthquake accelerations applied-at
the level of the connection. Connections which do not fall into this category
_are evaluated on an individual basis Iin the appropriate portions of the SEP
evaluation. ' S

In a number of connections equipment is fastened to the wall by 2-0.5°
bolts passing through ungrouted cells and anchored by bearing plates on
the opposite wall face. This type of attachment has the potentiai for two
types of local failure mode under direct tension caused by horizontal
earthquake motions. '

The first potential fallure mode is local failure of the masonry face shell
beneath the bearing plate. This is a “punching shear® type of fallure and
the capacity of the face shell has been determined using procedures similar
to that used for concrete. i.e. an allowable shear of 4{t'm around the

perimeter of the loaded area. In this case the bearing plate. For an f'm

of 1350 psi and a 3° by 5" bearing plate (typical at San Onofre. Unit 1)
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the allowable punching shear is 147 psi giving a connection capacity of
3860 Ibs in tension per boit.

For local block puilout to occur the allowable shear stress in the mortar -
joint surrounding the block must be exceeded. The allowable shear for this
type of loading has been taken as the UBC value for flexural shear. 40.4
psi tor an f'm of 1350 psi. The area of the shear plane Is 60 square
inches for a single block. i.e. two horizontal joints pius two header joints
times twice the face shell thickness. This produces an aillowable tension
on the connection of 2420 Ibs. ) '

The minimum of these two values., 2420 Ibs, therefore governs the tensile
strength of the connection. This is higher than the UBC factored limit of
1650 Ibs for 2 bolts. An upper bound on the loads on these attachments
would be a 16'-0° run of 24" heavily loaded cable tray. giving a total weight
of 852 Ibs. Such a length with only one support Is likely to exceed that
which would actually occur in the plant. '

The capacity of the connection is such that it could accomodate a maximum‘
acceleration of 2420/852, or 2.84g. This is higher than the acceleration
levels likely to be experienced by wall mounted equipment at San Onofire,
Unit 1.

10.2 Overall Effects of Attachments. '

The effects of added equipment weights were included for all wall analyses.
Because the equipment Is rigid their effect could be modelled by adding
masses at the appropriate model nodal points. For each evaluation the
most severe case of added mass occurring on a particular wall configuration
was used on the assumption that the added loads would more than outweigh
the effect on the frequency of a more lightly loaded wall. '

To validate this assumption each of the three groups of walls in the Turbine
Building was re-analyzed with a much lower precentage of added mass.
For the re-analysis the total added mass was taken as 25% of the maximum

-value. This would be typical for the majority of the walis. which have only

minor conduit etc mounted on them. For each of the three groups the
maximum displacements were reduced. The values for the analyses using
the lower added mass were 82%. 93% and 87% of the original analysis
values for groups I, Il and Il respectively.




| . From these results It Is considered that the method used in ‘the evaluation
‘]I' to take account of equipment, attachments etc. is reasonable and conservative.

10.3 Summary

A common form of connection used for the attachment of piping, conduit,
_ cable trayé etc. to the walls has a capacity considerably in excess of the
maximum acceleration to which the equipment is likely to be subjected.
Therefore local fallure of the wall at the point of attachment will not occur
under horizontal earthquake loads. The analyses performed for the wali
evaluations used upper bound values for added weights and the more typically
I : loaded walls had displacements lower by between 8% and 18%. ‘




11 CONCLUSIONS

This report has presented a brief overview of the analysis methodology for the
San Onofre. Unit 1 reinforced concrete masonry wall evaluation and addressed
each of the technical questions raised by the NRC with respect to this evaluation.
Following Is a brief summary of the conclusions reached on each of these
items.

a. ITEM 4(a) Masonry Face Shell Stresses: The stress strain dlstrlbutlbn
was computed in the face shell for each of the walls evaluated.
The maximum strains were less than an ultimate value of 0.004
derived from test data on plain concrete and much less than the
limits specified in Appendix C of ACI-349. Results from a series
of SEAOSC tests were aiso processed and showed strain levels -
at least as high as at San Onofre. Unit 1 with no evidence of
spalling. ‘

b. ITEM 4 Damping: Justification of the specified material damping
of 7% was presented. Details of the means of implementing this
damping into the nonilinear model were provided and plots of energy

i balance used to demonstrate that the total effective dissipation

ﬂ’ due to viscous damping was less than for an equivaient elastic

system.

c. ITEM 4(c) Rebar Length and Joint Width: Theoretical considerations
were used to confirm the validity of the overall model stiffness.
Considerations of bond suggested that a conservative approach
had been adopted for the iength of ylelding rebar. A series of
parameter studies showed that the effect of the joint width in the
final model was minimal and that any increase in yield length,
would reduce the maximum strains.

d. ITEM 4(d) Displacement Ductility- . Values of the displacement and
curvature ductilities were computed in terms of the formulation
In Appendix C of ACI-349. All displacement ductility values for
the San Onofre. Unit 1 walls were less than the code limits as
were the curvature ductilities for all but two walls.

e . ITEM 4(e) Air Bag Tests : A discussion of the significance of the
tests performed by SEAOSC was presented.
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f. ITEM 4D Computer Programs: Details of the computer codes used
and their accuracy and numerical stabllity were listed. A number
of parametric studies were used to demonstrate the stability of

the solutions.

g. ITEM 4(g) Combined Loads : Maximum masonry compressions were
< calculated for the two worst case walls for in~plane loads added

fj‘f to the out-of-plane face shell stresses computed in the responée
| to Item 4(a). It was shown that the maximum compression did
not exceed the uitimate capacity of the masonry face shell.

h. ITEM 4(h) Wall Attachments : The local and overall effects of

attachments were considered and it was demonstrated that the
3 connections had ample strength and were configured such that local
failure modes would not occur. :

| The overall response to these detailed technical questions confirms that the
ass'umptions on which the methodology was based provide a conservative estimate
of the maximum wall response. It is considered that the cumulative effect of
the conservatisms introduced to the various facets of the model would provide
upper bound values of the overall wall deformations and for the detailed material

]
" stresses and strains.
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Enclosure 2

Results of Energy Balance Evaluation of
Masonry Walls

San Onofre Unit 1

Some of the steel reinforced concrete block walls at San Onofre Nuclear
Generating Station, Unit 1 are expected to respond in the inelastic range
under Design Basis Earthquake (DBE) loading. These walls have been subjécted
to a nonlinear time history analysis by Computéch Engineering Services, Inc.
The resufts of these analyses are reported in Volume 3 of the report Seismic
Evaluation of Reinforced Concrete Masonry Walls, which was submitted to the

NRC by letter dated January 11, 1982.

In addition to the above mentioned analysis, the masonry walls have also been
analyzed utilizing the energy balance technique as outlined in Section
3.7.3.16.1 of the Balance of Plant Structures Seismic Reevaluation Critieria,
which was submitted to the NRC by letter dated February 17, 1981. The results
of this analysis are presented in Table 1 and Figure 1. For each masonry wall
a range of ductilities is listed. The higher value represents the calculated
ductility under DBE loading for the single section of wall having the most
attached equipment. The lower value shown for each wall represents the
calculated ductility for those sections of the wall having Tittle or no

attached equipment. Similar walls have been analyzed as a group. Therefore,

~ the ductilities listed for each wall represent the range of required ductility

between sections of that wall with little or no attached equipment and the one

section of wall within the group having the most attached equipment.




Table 1:

Ductility Requirements of Masonry Walls Based on Energy Balance Technigue.

WALL LENGTH DUCTILITY REQUIRED
(Ft.)

TB1A 40 3.6 - 4.6
TB1B 30 1.2 - 1.9

782 19 2.5 - 4.3

83 14 2.7 - 4.3

= .8 2.5 - 4.3

785 10 3.6 - 4.8

186 30 3.6 - 4.8
TB74A 40 3.6 - 4,6
T878B 30 1.2 - 1.9

88 19 2.7 - 4.9

186 14 4.6 - 6,1
TB1Q 32 4.0 - 5.2
TB1 112 4.6 - 6.1
1B12 49 1.8 - 3.5
SH1A 21 2.4 - 2.7
SBiB 20 remeins elastic
SE2 33 2.4 - 2.7

S?} 17 remainrs elastic
SB4 21 2.6 - 2.7

SB5 20 remains elastic
SBé 33 remains elastic
SB7 21 2.4 - 2.7

YBl 44 1.2 -z

VB2 44 1.4 - 2.1

VE3 21 1.4 - 2.1

VB4 21 1.6 ~ 2.1
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