5 FRAGILITY METHODOLOGY

5.1 Role of Fragility in Probabilistic Safety Assessment

A probabilistic safety assessment (PSA) is a structured framework for evaluating uncertainty,
performance, and reliability of an engineered facility. It is distinguished from traditional deterministic
approaches to safety assurance by its focus on why and how the facility might fail and by its explicit
treatment of uncertainties, both in the phenomena and in the analytical tools used to model them. A PSA
provides basis for decision-making in the face of uncertainty that can be andited independently by a
regulatory authority and updated periodically as circumstances warrant. The move toward quantitative
risk assessment began in the nuclear industry in the mid-1970's, and has accelerated since then as the
benefits of quantitative risk analysis have become apparent in many fields (Ellingwood, 1994).

One begins the PSA process by identifying limit states (LS), or conditions in which the structural system
ceases to perform its intended functions in some way. For structural components and systems in NPPs,
such limit states may be either strength or deformation-related (as discussed subsequently), as large
(inelastic) deformations affect the integrity or operability of mechanical or electrical systems that are
attached to or otherwise interface with the structure. Limit state identification requires a thorough
understanding of the behavior of the safety-related systems within the plant and the role of structural
components and systems in ensuring acceptable behavior of such systems.

With the limit states identified, the limit state probability can be expressed as,

P[LS] = ¥, P[LSID =x] P[D=x] .1)
X

in which D is a random variable (or random vector) describing the intensity of demand on the system, and
P[LS|D = x] is the conditional limit state probability, given that D = x. The probability P[D =x] is
sometimes denoted the hazard, and variable x is the “control” or “interface” variable. The conditional
probability, P[LS|D = x] = Fr(x), is the fragility.

It is clear that a fragility analysis is an essential ingredient of the fully coupled risk analysis embodied in
Eq. 5.1. It also can be used to determine probabilistic safety margins against specific identified events for
decision and regulatory purposes. Identification of probabilistic safety margins is central to modern
facility risk management. Although providing a less informative measure of safety than that obtained
from a fully coupled risk analysis, risk-informed decision-making based on the results of a structural
fragility assessment has several advantages:

(1) The probabilistic system analysis is effectively uncoupled from the hazard analysis. Thus, while
knowledge of the hazard is useful in identifying appropriate review-level events (e.g., a 2,500-yr
mean recurrence interval earthquake), such knowledge is not essential. Absent credible data on

- review-level events, one might simply inquire as to the fragility were the design-basis event to be
exceeded by some arbitrary margin, say 50 percent.

(2) The need to interpret and defend very small limit state probabilities (on the order of 10°/yr or
less) is avoided. There are limited data to support probabilities of this level, and such estimates
are highly dependent on the probabilistic models selected. At the current state-of-the-art,
(conditional) fragilitics are more robust than unconditional limit state probabilities.

(3) A properly conducted fragility analysis is less complex, less costly, and involves fewer
disciplines than a fully coupled risk analysis. Accordingly, there is less likelthood of
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miscommunication among members of the risk analysis team and the results are more easily
understood by a nonspecialist decision-maker or regulator.

Fragility modeling of reinforced concrete structural components and systems found in NPPs is the focus
of the safety analysis methods presented in this report.

5.2 Fragility Modeling Concepts

Fragility analysis is a technique for assessing and displaying, in probabilistic terms, the capability of an
engineered component or system to withstand a specified event (sometimes referred to as a review-level
event), one that often is well in excess of the design-basis event. Fragility modeling requires a focus on
the behavior of the system as a whole and, specifically, on things that can go wrong with the system. The
fragility modeling process leads to a median-centered estimate of system performance, coupled with an
estimate of the uncertainty in performance. This focus is different from typical deterministic analysis,
where conservative estimates of structural parameters are used, and the conservatism propagates through
the safety analysis in an unpredictable manner. The fragility concept has found widespread usage in the
nuclear industry, where it has been used in seismic probabilistic safety and/or margin assessments of
safety-related plant systems (Kennedy and Ravindra, 1984). In a seismic margins study, the control
variable usually is the effective peak ground accelerauon or spectral acceleration at the fundamental
period of the structure.

The fragility of a structure commonly is modeled by a lognormal cumulative distribution function (CDF).
If the structural capacity can be described as the product of numerous statistically independent random
variables, the central limit theorem provides some justification for this choice of CDF. The lognormal
CDF is described by,

Fr(x) = @ [In(x/mg)/ Bzl (-2

in which Fy (x) is the probability of failure for an applied load equal to x, ® [ ] = standard normal
probability integral, mg = median capacity (expressed in units that are dimensionally consistent with the

demand parameter, x, in Eq. 5.1), and Bg = logarithmic standard deviation, approximately equal to the
coefficient of variation (COV), Vg, when Vi <0.3.

Equation 5.2 depicts the conditional limit state probability of the system when the state of knowledge is
essentially perfect (within the bounds of normal engineering mechanics). In this case, parameters mg and
Br measure inherent randomness (or aleatory uncertainty). Such uncertainties are essentially irreducible
under current engineering analysis procedures. As an example, the yield strength of ASTM A615/60
reinforcing bars tested in accordance with standard ASTM procedures is a random variable that can be
modeled by a lognormal distribution, with a mean of 490 MPa (71 ksi) and COV of 0.10. These statistical
estimates are relatively stable from dataset to dataset, assuming that the sample size is not too small.
Sampling from a different lot of A615/60 bars (or different bar sizes) will yield essentially the same
statistics. This is characteristic of aleatory uncertainty; additional data or other information does not
change the probabilistic models in any significant way. Similarly, compression or tension strength of
concrete and dimensions of structural components fabricated and inspected according to ACI standards
are inherently random.

Thus, if the state of knowledge is essentially perfect, the 5-percent exclusion limit for capacity, defined
as,

R 0.05 = IR €Xp (-1645 BR) (53)
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might be selected as a basis for checking safety. If the review-level demand selected were less than R o5,
then the probability of acceptable performance of that structural component at that level would be at least
95%.

However, additional sources of uncertainty in capacity arise from assumptions made in the analysis of the
system and from limitations in the supporting databases. In contrast to aleatory uncertainties, these
knowledge-based (or epistemic) uncertainties depend on the quality of the analysis and supporting
databases, and generally can be reduced, at the expense of more comprehensive (and costly) analysis.
Sources of epistemic uncertainty in reinforced concrete structures would include two-dimensional models
of three-dimensional structures, support conditions that are neither fully rigid nor simple, neglect of shear
deformations in structural analysis, treatment of cracking by “smeared” models, and limitations in the
supporting databases.

The presence of epistemic uncertainty means that the fragility actually is described by a family of curves,
reflecting incomplete knowledge regarding the parameters used to model the structural fragility: in the
median, COV, and the CDF itself. To first order, these uncertainties can be assumed to be vested in the
estimate of the median capacity, mg, in Egs. 5.2 and 5.3. Under this assumption, mg is replaced by a
random variable, Mg, which is assumed to be modeled by a lognormal distribution with median mg and
logarithmic standard deviation By. Then, the family of lognormal CDFs, defined by parameters (mg, Br,
Bu), displays the overall uncertainty in capacity. The 5-percent exclusion limit in Eq. 5.3 thus becomes a
random variable as a result of the uncertainty in Mg, modeled by By. The lower 5-percent confidence
interval on Ry sis defined by,

Ry = mg expl-1.645(Br + Bu)] (5.4)

One might say (with a Bayesian interpretation) that the probability of surviving an event with intensity Ry
is 95% with 95% confidence. In some previous seismic margin studies, Ry has been called the HCLPF, or
“high-confidence, low probability of failure” capacity.

In many applications, it is desirable to have one overall estimate of fragility for review purposes that
reflects both aleatory and epistemic uncertainty. Such an estimate is provided by the mean fragility,
defined as (Ellingwood, 1994)

E[Fr(x)] = & [In(x/mg)/Bc] (5.5)
in which
Bc = (B’ + Bu)"” ' (5.6)

At the usual levels of aleatory and epistemic uncertainty found in the assessment of reinforced concrete
structures, Ry in Eq. 5.4 corresponds to approximately the 1 to 2-percentile of E[Fr(x)].

5.3 Limit States for Structural Performance Evaluation and Their Analysis

Two common reinforced concrete structures were selected for the structural fragility assessments in this
study: a propped cantilever beam subjected to uniform load and a low-rise shear wall subjected to in-
plane forces. The beam was under-reinforced, and is typical of relatively common indeterminate

structures (beams and one-way slabs) subjected to flexure. The solutions for the undegraded case could be
compared to previous results (MacGregor et al., 1983), the effects of degradation due to reinforcement
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corrosion and concrete spalling on strength, stiffness and ductility could be visualized easily, and the
results could be used to validate the finite element analysis used in later phases of the study. The low-rise
shear wall (height/length of approximately 1.0) is typical of those found in safety-related
(noncontainment) buildings in nuclear power plants. Such shear walls provide the primary earthquake-
resisting system for such buildings, and often appear as critical components in plant logic models
developed in seismic PRAs of NPPs (e.g., Zion, 1981; Ellingwood and Song, 1996).

Limit state(s) of structural performance must be identified around which the fragility model(s) can be
constructed. Such limit states depend on the functional requirements and performance goals of the system
in which they must function. Performance goals usually are qualitative in nature, €.g.: the system must
remain functional under operating conditions; the system must be controllable/recoverable under extreme
environmental conditions; etc. Such goals must be transformed into structural limit states that can be
verified by analysis or test. Although the focus in conventional reinforced concrete design according to
ACI Standard 318 (and ACI 349) has been on ultimate strength, the structural strength limit state may be
of lesser importance than a deformation-related limit state when the structure is an integrated component
of a complex system in which structural, mechanical and electrical systems all must interface properly.
Key safety-related mechanical or electrical components often are mounted on or interface with the
structure. Properly designed reinforced concrete structures, particularly those that are highly redundant,
may behave in a ductile manner under extreme loads, and damage to appurtenant systems may occur at
structural deformations well below those at incipient structural collapse. This is particularly true of
structures that resist lateral forces, such as those due to earthquake ground motion.

Fragility analysis of a concrete structure in a NPP requires a thorough understanding of the mechanics of
structural response to challenges over a wide range, including those at and beyond the design basis. At
such levels, the behavior of the structure usually is highly nonlinear in nature. The strength limit state of a
reinforced concrete structure, while certainly important, may not be sufficient to evaluate the integrity and
safety of a plant system in which that component plays a role in safety. Moreover, the equations for
strength of shear walls found in the ACI Standards do not apply to the low-rise walls that are typical of
nuclear plant construction. Indeed, because of the complexity of the structural components and systems,
closed-form models of structural behavior may not be sufficient to describe their response to extreme
operating or environmental events, and one must resort to finite element analysis.

In this study, the commercially available finite element analysis computer program ANSYS has been
chosen to perform the structural analyses because of its ability to model the significant nonlinear action
expected to occur in the concrete structures analyzed. The program was validated using structural models
of the indeterminate beam, which could be checked relatively easily by other methods, and subsequently
was used extensively to support fragility modeling of the low-rise concrete shear walls. The general
procedure followed was to construct a load-deflection (or moment-curvature) relation for the structure of
interest. The limit state of the propped cantilever beam was associated with the point at which the
maximum uniform load was reached, just prior to the formation of the final plastic hinge near midspan.
The limit state of the low-rise shear wall was defined as occurring at a deformation equal to 4 times the
deformation at first yielding, making the assumption that appurtenant safety-related mechanical or
electrical equipment would malfunction at approximately these deformation levels. Similar limiting
deformation levels have been assumed in previous seismic PRAs and margin studies of nuclear plants
(e.g., Wesley and Hashimoto, 1981). Modern approaches to earthquake-resistant design of buildings and
other structures also are based on deformation capacity rather than on strength (e.g., FEMA 273).

5.4 Databases to Support Fragility Assessment

A fragility analysis must be supported by a database to describe the statistical nature of all parameters
known to affect the capacity of the structure. Probabilistic models and statistics are required for all
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parameters that play a significant role in performance and safety of reinforced concrete structural
components and systems.

Some fragility parameters can be identified through a review of the literature. Other parameters may have
to be identified and estimated through expert opinion. Within any group of experts, there is experiential
knowledge regarding engineering behavior and parameters that can be elicited through careful
questioning. Proper construction of a consensus estimation survey (sometimes called a Delphi) and
careful analysis of the results can lead to statistical models that subsequently can be updated using
Bayesian techniques, if and when further information becomes available. It is emphasized that fragility
modeling of existing systems requires best (mean or median) estimates of strength; otherwise, the
conservatisms attached to traditional design parameters are propagated throughout the analysis in an
unpredictable way. Furthermore, all sources of uncertainty must be included in the fragility analysis to
predict the likely variability in performance of the structure in service.

A summary of statistical data to describe the strength of reinforced concrete flexural members (beams and
slabs) and low-rise concrete shear wall structures subjected to static forces is provided in Table 5.1. This
summary is based on a comprehensive review of published literature (Ellingwood and Hwang, 1983;
MacGregor et al., 1983) and additional data from specific NPPs.

The steel and concrete strengths presented in Table 5.1 are “static” strengths in-situ, i.e., application of
load to determine strength occurs over a period of approximately one hour. Mill tests of steel and concrete
cylinder tests are conducted at a higher strain rate than is typical for static structural loading. The mill test
data for steel are adjusted to static conditions by the approximate relation, . = fmin — 27.6 MPa (4 ksi).
Although some studies have indicated that reinforcement strength decreases with increasing bar diameter,
the data reviewed in this study indicate that this effect is negligible.

Standard-cured concrete cylinder tests are adjusted for static rate of load effects by multiplying by 0.89.
The in-situ strength of concrete requires additional corrections to account for differences between '
standard-cure cylinder strengths and field strength that arise from field placement, consolidation, and
curing conditions (MacGregor, Mirza and Ellingwood, 1983; Ellingwood, 1983). The concrete strength
statistics and samples in Column 2 of Table 5.1 reflect 28-day in-situ strength under “static” load
conditions. There is a significant gain in concrete strength beyond the 28-day strength used as the basis
for design. For example, results obtained from NPP-related facilities indicate that after 25 years the
concrete strength can increase by over 50% relative to the 28-day strength (Naus et al., 1996). Such
increases may have only a nominal effect on flexural strength of the under-reinforced beam, but may have
a substantial impact on shear wall behavior, where the concrete strength is more important.

The ANSYS finite element program utilizes the compressive stress-strain curve for the concrete. The
limiting compressive strain is a random variable, as indicated in Table 5.1; it has little effect on flexural
capacity (i.e., one obtains about the same M, using 0.003 vs 0.004), but it may affect the apparent
ductility of the beam. The tensile strength of concrete is utilized for the analysis of cracking or shear
strength in the beam. The tensile strength of concrete, £, is based on split-cylinder strength. Both f; and
initial tangent modulus, E., are correlated with compressive strength; the nominal correlation coefficient
is assumed to be 0.7 in both cases. The dependence of both f; and E. on (£,)'” arises from regression
analysis. There is also a standard error of regression which must be considered; otherwise, one arrives at
the conclusion that the COV of f; (or E.) is 50% that of f., which is incorrect. Unfortunately, this error
went unrecognized in a number of early seismic fragility studies.

The effective depth, d, is a random variable due to variability in bar placement during construction. The
COV in d is 0.5/d; for the beam analyzed, this is 0.024, a very small number, which will have little impact
of fragility. On the other hand, the uncertainty in d is more important in the analysis of slabs. Overall
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dimensional variabilities have a negligible contribution to fragility and can be ignored. The reinforcement
cover, c, is required to determine strength changes that may arise from spalling of the concrete as a result
of in-service deterioration, and is a random variable. Studies have shown that the reinforcement cover
tends to be slightly greater than the nominal 37 mm (1-1/2 in.) specified for protected concrete in all
structural components. The bar placement error and the variability in placement are somewhat greater in
slabs than in columns or beams. Placement error also tends to be larger for top bars than for bottom bars
due to the construction process. However, there is enough noise in the data reported that it is not
necessary to distinguish between these cases. Accordingly, the bar cover, ¢, is assumed to have a normal
distribution, with mean (distance from concrete surface to center of the outer layer of reinforcement)
equal to the nominal cover plus 6 mm (1/4 in.) and a standard deviation of 16 mm (5/8 in.) in all cases.
This assumption is conservative but not unduly so.

The factors B¢ and By, in Table 5.1 account for uncertainty in the analysis itself, and are epistemic in
nature. This uncertainty arises from idealizations of behavior in any analytical model of a structure. The
easiest way to visualize B is to: (1) imagine that all properties of a beam are known, perhaps by
companion tests or independent measurement; (2) use these properties to analyze the ultimate capacity of
the beam; (3) test the beam to failure; and (4) compare the results. The calculated and measured strengths
will not be the same, and the ratio of Test/Calc is the modeling factor Bs. Parameter By, plays a similar
role for shear walls. Refined structural models (e.g., nonlinear FEA) tend to be closer to reality than
design code models, and in such cases the means of Br or By, will be close to 1.0 (unbiased). As noted
above, the fragility of the beam should be based on actual parameters, as best they can be determined.

When the structural component or system is subjected to dynamic forces, the statistical properties of
strength of concrete and steel for use in developing fragility curves for shear walls must be adjusted for
the increased rate of load. These increased values are summarized in Table 5.2. The steel and concrete
“dynamic” strengths presented correspond to loading to failure in approximately 1 - 5 seconds. Mill tests
of steel and concrete cylinder tests are conducted at a strain rate that falls somewhere between “static”
and “dynamic” rates of application of structural actions.

Deterioration in reinforced concrete beams or shear walls due to corrosion is measured in this study by
percentage loss of weight in reinforcement. Percentage losses of 10% and 20% are assumed, since these
percentages might be related to surficial concrete cracking observed during a plant walkdown. Corrosion
is a highly variable process; the corrosion test data reviewed in connection with the Structural Aging
Program (Naus et al., 1996) indicates that the COV in corrosion penetration is on the order of 40 to 50
percent. Accordingly, it has been assumed that the corrosion penetration has a normal distribution, with
mean penetration determined from the specified 10% or 20% weight loss, and COV of 0.45. Accordingly,
the mean area of one No. 8 bar is 458 mm® (.71 in.?) for 10% loss in weight and 406 mm? (.63 in.%) for
20% loss in weight.

Closed-form expressions for the conditional limit state probabilities of indeterminate beams, slabs, and
low-rise shear walls cannot be obtained using any other than idealized models of ultimate capacity. Thus,
the uncertainties in structural capacity were estimated by a Monte Carlo procedure involving repeated
finite element analyses, rather than in closed form. Because of the cost of performing nonlinear finite
element analysis, the number of simulations, N, necessary to model the uncertainties and to construct the
fragility must be kept to a minimum. Random sampling plans aimed at achieving efficiency in numerical
experimentation (variance reduction techniques) are available (Rubenstein, 1981). Latin Hypercube
(LHC) sampling has been found to be very useful in system reliability problems involving complex
systems (Imam and Conover, 1980). Estimators that are obtained by LHC sampling are unbiased, and the
standard error in the estimator is less than in most other methods with the same number of samples.
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LHC sampling was used in conjunction with the ANSYS finite element program in the current study to
generate the force-deformation curves for each structure sampled and to determine the fragilities. Each
fragility curve is based on the analysis of 19 structures, in which the material strengths, dimensions, and
modeling errors are consistent with the statistical data presented in Tables 5.1, 5.2 and the discussion
above. The sample size of 19 was selected as a practical upper limit, given the time and effort required to
generate load-deformation curves for the shear walls analyzed by ANSYS. The results of these finite
element analyses are rank-ordered and plotted at rank mean positions between the 5-percentile and 95-
percentiles. A lognormal distribution then is fit to these data and the fragility parameters mg and B¢ in
Egs. 5.5 and 5.6 are determined.

All random variables in Tables 5.1 and 5.2 are assumed to be statistically independent, with the exception
of (£, f) and (£, E.) both of which are assumed to have a correlation of 0.7. When a finite number of
independent samples are simulated, however, some correlation in the samples may be evident. To
illustrate this problem, the sample correlation coefficients for f; and A, (with corrosion) are listed in the
following table:

No. 8 bars, 10% loss: -0.158
No. 8 bars, 20% loss: +0.007
No. 5 bars, 10% loss: +0.158
No. 5 bars, 20% loss: -0.138

This nonzero sample correlation is inherent in working with samples of this size; in fact, correlation
coefficients, r, computed for samples of 19 variates (x, y) simulated from independent populations X and
Y will generally be nonzero. If X and Y are independent, the sampling density of 1 is centered on 0, but
small positive or negative values can occur when individual samples are taken. A closed-form expression
for this sampling density does not exist for non-normal X and Y, but can be computed numerically. The
95-percent confidence interval on the sample correlation coefficient for samples of 19 when X is
lognormal and Y is normal (as with f; and A;) is (-0.43, 0.45). In other words, sample correlation
coefficients between -0.43 and 0.45 based on 19 samples give no cause to reject the null hypothesis that
the true correlation coefficient is zero. If the sample size is increased from 19 to 49, the confidence
interval decreases to (-0.27, 0.29), at the expense of more finite element structural analyses in the
simulation process. While there are mathematical techniques for reducing (but not eliminating) such
correlations (Imam and Conover, 1980), these strategies were not employed in this study. The effect of
these small correlations on the fragility models constructed by LHC/ANSYS is small.
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Table 5.1

Structural Res.istance Statistics for
Reinforced Concrete Components Subjected to Static Forces

Property Mean Cov

Concrete (4000-psi)

Compression strength 3,552 psi 0.16

Tensile (splitting) strength 358  psi 0.18

Initial tangent modulus 3,800 ksi 0.18

Limiting compression strain 0.004 0.20
Grade 60 reinforcement

Yield strength 66 ksi 0.10

Modulus of Elasticity 29,000 ksi na
Placement of reinforcement

Effective depth, d - d in. 0.5/d

Bar cover c+1/4 in. 0.625/c
Structural analysis

Flexure (By) 1.04 0.07

Shear (Bg,) 1.00 0.14

Note: 1 in. =25.4 mm; 1 psi = 6.895 kPa; 1 ksi = 6.895 MPa;
N = Normal Distribution, LN = Lognormal Distribution
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Table 5.2

Steel and Concrete Strength Statistics for
Components Subjected to Dynamic Forces

Property Mean Cov

(1) Concrete (nominal 4000 psi)

Compression strength in-situ 4,400 psi 0.16
Tensile (splitting) strength 475 psi 0.18
Initial tangent modulus (150 pcf) 3,834 ksi 0.18

(2) ASTM A615/Grade 60 reinforcement
Yield strength 71 ksi 0.10
Modulus of elasticity 29,000 ksi na

Note: 1 psi = 6.895 kPa; 1 ksi = 6.895 MPa; 1 pcf = 16.02 kg/m>;
N = Normal Distribution; LN = Lognormal Distribution
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6 EVALUATION OF REINFORCED CONCRETE FLEXURAL MEMBERS

The effects of degradation on the behavior of reinforced concrete flexural members (beams and one way
slabs) are discussed in this section of the report. A specific example of a propped cantilever beam is used
to evaluate fragility curves for both an undegraded beam and a beam with degraded properties.
Lognormal distributions for the important beam properties are developed both for the undegraded and
degraded conditions. These properties are then used to evaluate the probability of failure for the beam.
Extensive calculations are performed with an analytical model of the beam (as recommended in ACI 318)
and these results are verified with a finite element model of the beam. After the results for the specific
example are found, analyses are performed to generalize the conclusions for beam properties other than
those used in the specific example.

Several assumptions are made to simplify the problem. First, the strength of the beam measured in terms
of uniform load capacity is used to define the limit state. Deformation-based limit states (peak
displacement, maximum rotations, or ductility) usually are not the limiting conditions for typical flexural
members in nuclear power stations. Second, dynamic effects are not considered for the beams. Most of
the loads acting on flexural members in power plants are static gravity loads with dynamic seismic loads
constituting a small portion of the total load. It should be noted that the objective here is to evaluate the
change in fragility curves from the undegraded to the degraded cases.

The specific example used in the analyses is first discussed together with the méthodology used to
perform the response calculations. The finite element model of the beam is then developed and solutions
compared with those obtained from the analytical model. The degradation mechanisms are then discussed
and fragility curves are developed for both the undegraded and degraded beams. Finally, comparisons of
the fragility curves are made and the significance of the difference to risk at nuclear power stations is
discussed. These results are generalized to other beam shapes and material properties.

It should be noted that this section utilizes some equations and coefficients in accordance with the ACI
318 Code which are only valid in English units (i.e., not SI units). Therefore, for these situations, only
English units are provided. Where appropriate, SI units are provided in parenthesis following the English
units.

"6.1 Sample Problem and Analytical Model

The design is first developed followed with a description of the methodology used to evaluate the beam's
load-deflection response to an increasing uniform load.

6.1.1 Beam Design
A propped cantilever beam with a twenty-foot span is designed using the procedures in ACI 318-99, The
beam is designed for a dead load of wy = 1 kip/ft (14.6 kN/m) and a live load of w; = 3 kips/ft (43.8
kN/m). The required strength of the beam (w,), including load factors is:

wy = 1.4 wq + 1.7 wy = 6.5 kips/ft (94.9 kN/m) 6.1)
The elastic shear and bending moment diagrams for the beam are shown in Figure 6.1. The peak elastic
bending moment occurs in the negative moment region at the fixed support. The peak negative and

positive moments are:

M, =w, L*/ 8 =325 fi-kips (441 KN-m); M," =9 w,L?/128 = 183 fi-kips (248 kN-m)  (6.2)
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The beam is designed using concrete with a compressive strength f'. = 4 ksi (27.6 MPa) and A615 Grade
60 reinforcement having a yield strength equal to 60 ksi (414 MPa). Young's modulus for the concrete is
3,605 ksi (24.9GPa). The balanced reinforcement ratio (py,) for these materials is:

po=0.85 By (£'./ £, )eu/ (50 + £, / E;)] = 0.0285 (6.3)

where, B; = 0.85 for 4 ksi concrete
&, = failure strain in concrete = 0.003 for design
E; = Steel modulus of elasticity = 29,000 ksi

The design is shown in Figure 6.2. The reinforcement ratios in the negative and positive moment regions
are 0.0145 and 0.0087 respectively, both less than the maximum permitted by the ACI code (0.75 p, =
0.0214). The moment capacity in the negative and positive moment regions are evaluated using
Whitney’s uniform stress block as prescribed in the code. The following equation gives the design
strength ($M,) of the beam:

dM.= A, (d-a/2) ©64)

where, A; = area of the tensile reinforcement
d = depth to the tensile reinforcement
¢ = capacity reduction factor
a = depth of stress block=A; £,/ 0.85f'. b
b = width of beam

The design strengths of the beam shown in Figure 6.2 for negative and positive moments are:
& M, =325 fi-kips (441 kN-m); ¢ M, =207 fi-kips (281 kKN-m) and 6.5)

ACI 318 requires the design strength to be equal to or greater than the required strength (¢ M, > M,). By
comparison to the peak negative and positive moments given in Eq. 6.2 above, this requirement is met.

The effects of shear are considered next. The maximum shear occurs at the fixed support and is equal to 5
w, L /8 = 81.3 kips (362 kN) (see Figure 6.1). The code permits the maximum shear to be evaluated at a

distance d from the support where the shear is 69.9 kips (311 kN). The design strength in shear of the
section shown in Figure 6.2 is:

OVa=¢2(f')* bd+A,fd/s] (6.6)
= 0.85 [2 (4000) ' (13%21)/ 1000 + 0.4 * 60 * 21 / 10.5] = 70.1 kips (312 kN)

where, s = spacing of shear reinforcement
A, = area of shear reinforcement within a distance s

This is greater than the required strength in shear, V, = 69.9 kips (311 kN), at the fixed support, and much
greater than the demand in other portions of the beam where the demand is smaller.

6.1.2 Load-Deflection Response

The load-deflection behavior of the beam is evaluated using the procedures defined in ACI 318-99. The
relationship between the applied loading and the beam moment strengths is first considered. For small
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loadings the beam is uncracked and this range extends up to the point where the maximum bending
moment (at the fixed support M = w L?/ 8) equals the cracking moment (M). The bending moment
causing cracking is given as:

£,=75[f'c]" =474 psi (3.27 MPa) 6.7)
M,=f1I,/c=474* (13 ¥ 243/ 12) * 6 = 591,600 in.-Ibs = 49.3 fi-kips (66.8 kN-m)
where, I; = gross section (uncracked) moment of inertia

¢ = distance from the neutral axis to extreme fiber of beam

Equating this moment to the peak moment results in the cracking load of w, = 0.986 kips/ft (14.4 kN/m).
This represents the uniform load at which time cracking initiates in the beam at the fixed support.

The beam remains elastic (with decreasing stiffness as discussed below) until the bending moment at
either the fixed support or at the region of maximum positive moment reaches the ultimate moments as
given in the second line of Eq. 6.5. Since the maximum negative moment equals (w L/ 8) and the
maximum positive moment equals (9 w L? / 128), the negative moment reaches ultimate first, and the first
plastic hinge forms at the support. Equating the capacity to the applied moment determines that the load
(wp1) required to cause the first hinge to form is:

wp1 =8 M,/ L*= 7.22 kips/ft (105 kN/m) : (6.8)
The beam remains elastic as the loading is increased beyond this value with plastic rotations occurring at
the fixed support and the support moment remaining constant at 361 fi-kips (489 kN-m). A plastic limit

analysis is performed to find the load at which the second hinge forms (w;;) as shown in Figure 6.3. The
external work (W.) done for the virtual displacement (J) is:

W, =0 wp [x/2 + (L - x)/2] 6.9)
where, x is the distance from the fixed support to the second plastic hinge.

The internal work (W;) done by the virtual displacement is:
W;=0[M, /x+M, (I/x + 1/{L-x})] (6.10)

Equating the internal and external work results in the following prediction of the collapse load:

w2 =2[M, +M, L/(L-x)]/Lx (6.11)
The value of x minimizing the collapse load is:

w2 =7.79 kips/ft (114 kN/m) at x=12.5ft (3.81 m)
The two plastic hinges form a mechanism so that no additional loading can be placed on the beam.
The stiffness characteristics of the beam are discussed next. These characteristics depend on the gross
section moment of inertia (I) and the cracked section moment of inertia in the negative (I;) and positive

(I") moment regions. These are:

I, = 14,976 in* (623,350 cm®); I = 7,586 in.* (315,750 cm®); L;"=5,195 in.* (216,230 cm®)  (6.12)
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When the loading is small and before concrete cracking occurs, the stiffness of the beam is controlled by
the gross section with negligible contribution from the reinforcement. The elastic deflected shape of the
propped cantilever is:

A=wx(L*-3Lx*+2x°)/48EI (6.13)
where, x = distance from fixed end

The deflection is calculated at x = 12.5 ft (3.81 m) (where the second hinge forms) as:

A=3160w/I
where, the deflection is in inches, load is in kips/ft and I is in in.* units

Therefore the deflection at cracking is:
Ay =316 * 0986 / 14976 = 0.021in. (0.533 mm) (6.14)
The beam stiffness (based on I) gradually changes from the (Iy) to (I;) during the next phase of loading

[from the cracking load = 0.986 kips/ft (14.4 kN/m) to the formation of the first plastic hinge at a load =
7.22 kips/ft (105 kN/m)]. An effective moment of inertia (L) is used from ACI 318-99:

L=Mx/M) L+[1-(Ma/M)] L (6.15)
where, M, is the peak bending moment

Effective moments of inertia are evaluated in both the negative and positive moment regions and an
average value used to determine the beam deflections:

L=("+1)/2 (6.16)
where, L' = 14,976 (49.3/28.1 w)* + 5,195 [1 - (49.3/28.1 w)*]
I, =14,976 (493 /50 w )* + 7,586 [1 - (49.3 / 50 w)°]
For loads between the formation of the first and second hinges [7.22 kips/ft (105 kN/m) to 7.79 kips/ft

(114 kN/m)], the moment at the fixed support remains constant at M,” = 361 ft-kips (489 kN-m) resulting
in a deflected shape of:

A=[AM; (¢/L-Lx)+wx(@*+x*-2Lx)]/24E1 6.17)
The effective moment of inertia (Eq. 6.16) is used in Eq. 6.17 but the definitions of I.” and I.” change to:

L' = 14,976 (49.3 /46.9 w -135.4)* + 5,195 [1 - (49.3 / 46.9 w -135.4)%]
I =14,976 (49.3/361.1 )’ + 7,586 [1 - (49.3 / 361.1)"] (6.18)

Of course for loads greater than 7.79 kips/ft (114 kN/m) the deflection increases without bound and the
beam cannot carry additional load. Load-deflection plots are presented in the following section.

6.2 Finite Element Model
A finite element model of the sample beam problem is developed to verify the results of the analytical

solution discussed in the previous section. The ANSYS, Version 5.4, computer code is used to develop
the load-deflection characteristics of the beam. Modeling considerations are discussed first, followed by a
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comparison of the results with those obtained from the analytical solution discussed in the previous
section.

6.2.1 Modeling Considerations

The results from the closed-form solutions presented in Section 6.1 are verified with a finite element
model of the beam with solutions obtained using the ANSYS computer code. The model used for the
beam is shown in Figure 6.4. There are 46 elements along the length and 8 elements over the depth. Due
to symmetry, one half of the beam is modeled in the 13 in. (33 cm) width direction with each concrete
element having dimensions of 5.21 in. (13.2 cm) long x 3 in. (7.62 cm) deep by 6.5 in. (16.5 cm) wide.
The axial and vertical deflections are restrained at the fixed end of the beam, the vertical deflections are
restrained at the simple support, and the “through the thickness™ deflections are restrained at the plane of
symmetry. The reinforcement is placed on the outer surface of the beam at 3 in. (7.62 cm) down from the
top for the negative reinforcement and at 3 in. (7.62 cm) up from the bottom for the positive
reinforcement. Shear reinforcement is placed along the first set of nodes in from each support and then
along every other vertical set of nodes except in those central portions of the beam where no shear
reinforcement is required.

The concrete is modeled with element type “SOLID65” of ANSYS. This element is a three-dimensional
solid that can model cracking in tension, crushing in compression, and plastic deformation. For a
definition of the stress-strain relationship, the uniaxial stress strain law, based on Hognestad’s formulation
(Park and Paulay, 1975), is prescribed for the concrete as follows:

f,=f"[28. /€ -(e./5c)] forse<e, (6.19)
f.=1', fore. > g,
where, €,=2 ',/ E; and E; = initial tangent modulus

A tensile strength and failure compressive strain is also prescribed for the concrete. Cracking (at the
tensile strength) and crushing (at the failure compressive strain) behavior of the concrete is considered in
the solutions. The ANSYS model also allows the user of the program to prescribe shear transfer
coefficients for open and closed cracks that may develop during the analysis. These shear transfer
coefficients correspond to the stiffness along cracks and are represented as a fraction of the stiffness in the
uncracked material (between 0.0 to 1.0). For this analysis the shear transfer coefficient was set to 0.5
(50% shear stiffness) for an open crack and 1.0 (100% shear stiffness) for a closed crack. No tensile stress
can be transmitted across cracks, but compressive stresses can be transmitted after cracks close.

The steel reinforcement is modeled discretely with spar elements having elastic-perfectly plastic material
properties.

6.2.2 Comparison of Results from ANSYS and Analytical Model Solutions

Uniform load intensity is increased on the beam until convergence of the ANSYS solutions can no longer
be achieved. Crack patterns are shown in Figure 6.5 for onset of cracking, formation of the first plastic
hinge, and formation of the second hinge. The hinge formation is defined at the time of first yielding of
the reinforcement. Cracking was found to occur at a load of 1.65 kips/ft (24.1 kIN/m), the first plastic
hinge forms at 7.05 kips/ft (103 kN/m), and the second plastic hinge forms at 7.88 kips/ft (115 kN/m). It
should be recalled that the ACI code calculated values (see Section 6.1.2) are 0.986 kips/ft (14.4 kN/m),
7.22 kips/ft (105 kN/m), and 7.79 kips/ft (114 kN/m). The ANSYS results are 167%, 98%, and 101% of
the three analytical results.
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Load-deflection plots for the analytical and ANSYS results are shown in Figure 6.6 for both the finite
element and hand calculation models. It can be seen that the agreement between the two is quite good for
calculation of ultimate strength, which is important for fragility calculations. For the region in the curves
where cracking occurs, there are some differences. This is partly due to the use of the effective moment of
inertia for the section (as given in ACI 318-99) to predict the deflection of the beam. The relationship in
ACI 318-99 is empirically based and may not exactly represent the conditions for the beam considered.
There is a second reason why the ANSYS model predicts somewhat softer behavior (larger deflections)
than the analytical model. The modulus of elasticity used in the analytical solution is as given in ACI 318-
99 and is equal to 3,605 ksi (24.9 GPa). This is representative of the secant modulus, but the same
modulus is used in the ANSYS model as an initial tangent modulus, which decreases in accordance with
the stress-strain relationship described in Eq. 6.19.

Based on the good comparison between the ANSYS FEM results and the analytical closed-form
solutions, the latter solutions in Section 6.1 were used to generate the fragility curves for the various beam
conditions to be studied.

6.3 Fragility Curves for Undegraded and Degraded Beams

Fragility of the propped cantilever beam is based on an ultimate load limit state. The load capacity of the
beam is defined by Eq. 6.11. The random variables considered in Eq. 6.11 for the case of the undegraded
beam are summarized in Table 5.1. They include: the concrete compressive strength, the yield strength of
the steel reinforcement, and the effective depth (d) of the beam. Other random variables include the
tensile strength of the concrete and the concrete failure strain, which are used to ensure that the flexural
failure mode does not change from yield of the steel to crushing of the concrete. The modeling
uncertainty in the flexural analysis is also included. Equation 6.3 is used to verify that the reinforcement
ratio remains less than the balanced reinforcement ratio.

Nineteen samples of the random variables in Section 5 are developed using a Latin Hypercube sampling
plan and are used to evaluate the beam fragility in the undegraded state. Fragility data for the undegraded
beam is shown in Table 6.1 (generated using the EXCEL software). The first 7 columns in the table
represent the values of the random variables discussed in Section 5. The parameters Br and By, model the
uncertainty in the flexural and shear prediction models used in the analysis. The next to last column (wy)
is the calculated ultimate capacity of the beam based on Eq. 6.11 and the last column in the table
represent the balanced steel area calculated from Eq. 6.3 (multiplied by b d). As may be seen, the
reinforcement in the beam is less than the balanced steel area for all 19 samples, so that the failure mode
does not change from yielding of the reinforcement to crushing of the concrete.

The resulting mean strength is found to be 8.66 kips/ft (126 kN/m) [as compared to deterministic
prediction of collapse equal to 7.79 kips/ft (114 kN/m)]. The coefficient of variation (COV) is found to be
0.11. A plot of the nineteen samples is shown on lognormal probability paper in Figure 6.7. The linear
variation of the computed data verifies that the lognormal distribution is appropriate for the beam. The
mean and standard deviation data are used to develop the fragility curve. The fragility curve for the
undegraded beam is shown in Figure 6.8. It is interesting to note that these data indicate that the
probability of failure for a load equal to the beam's design strength of 6.5 kips/ft (94.9 kN/m) is about
0.5%. The probability of failure at the collapse load predicted from the deterministic analysis with
nominal values of all parameters [7.79 kips/ft (114 kN/m)] is about 18%.

The age-related degradation effects (discussed in Section 2) considered during this study are: decrease in
compressive strength, loss of steel cross-sectional area, reduction in bond strength, and reduction in
concrete area (cracking and/or spalling). Loss of concrete compressive strength is dismissed as a
significant mechanism because it has a very small impact on the beam's flexural strength, and the normal
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increase of compressive strength with age is likely to offset any strength loss resulting from degradation
effects. Loss of steel area is a significant degradation mechanism and results from corrosive action caused
by carbonation and/or chloride intrusion. Amleh and Mirza (1999) performed an experimental study
relating loss of steel area and reduction in bond strength to corrosive action. Several levels of corrosion
are identified based on the crack widths observed in the concrete. It was found that crack (parallel to the
reinforcement) widths on the order of 0.15 mm (0.00591 in.) corresponded to the first stage of corrosion
with essentially no reduction in steel cross-sectional area or bond strength while crack widths on the order
of 9 mm (0.354 in.) are associated with 20% loss in steel (cross-sectional) area and significant loss of
bond strength. Since the 9 mm (0.354 in.) crack is readily observable and would afford the opportunity to
make repairs, it was decided to consider steel area losses of 20% and 10% (treated as random variables).
The 20% reduction in steel area was modeled with a mean steel area of 405 mm’ (0.628 in.?) [the original
area of the #8 bar is 510 mm? (0.79 in.%)] with a coefficient of variation equal to 0.11, while the 10%
reduction in steel area was modeled with a mean steel area equal to 455 mm? (0.705 in.%) and a coefficient
of variation equal to 0.05.

Reductions in bond strength would affect the stiffhess of the beam throughout (because the steel could
slip relative to the adjacent concrete) and would affect the strength of the beam if the rebars are not
adequately anchored in critical regions (such as the fixed support of the propped cantilever). The change
in stiffness should not have a significant impact on the strength limit state being considered. The change
in strength would depend on the details of the anchorage (provided development length, use of hooks,
confinement of reinforcement). With sufficient anchorage, it is expected that the loss of steel area would
govern, and therefore, bond loss is not considered here. The experimental data indicated that corrosion did
not result in a reduction in the yield strength of the uncorroded portion of the reinforcing bar.

Finally, concrete spalling (resulting from either freeze thaw problems or steel corrosion) is considered as
a degradation mechanism. Spalling in concrete beams usually occurs outside of the steel cage. This is
modeled by reducing the effective depth of the beam section by subtracting the cover from the depth. In
the finite element model the loss of concrete cover was assumed to occur over the entire width and length
of the beam. It should be noted that the loss of concrete cover is only critical at the location of maximum
moments where the two plastic hinges form. The cover was defined with a mean depth of 1.75 in. (44.5
mm) with a coefficient of variation equal to 0.355. Since corrosion can result in loss of steel and concrete
spalling, the combined case of both effects is considered in addition to the individual effects.

A tabulation of the degraded cases considered is given in Table 6.2 together with their means and
coefficients of variation in capacity. The tables on which the calculations are based and the figures
showing the fragility curves are referenced in this table. The specific data used to model the random
variables defining the steel area and concrete cover are also presented. It can be seen in Table 6.2 that the
maximum reduction in mean strength from 8.66 kips/ft (126 kN/m) to 7.11 kips/ft (104 kN/m) (18%)
occurs for the 20% loss of bottom steel plus a bottom spall. It should be noted that this mechanism is
associated with rather severe cracking of the concrete section which could be readily observed during an
inspection. It is believed that inspections of the facility would identify such problem areas before
significant degradation of strength would occur. The coefficient of variation in flexural capacity is about
the same for all cases, varying from 0.109 for the undegraded case to 0.127 for the 20% loss of top and
bottom steel. The load intensities associated with a 2% probability of failure are also shown in Table 6.2.
The 20% loss of bottom steel and bottom spall is the critical case and results in a 20% reduction in the 2%
probability of failure load. A lognormal probability plot of the fragility data for the 20% loss of steel top
and bottom is shown in Figure 6.16. It can be seen that the data can be represented by the lognormal
distribution.

A summary plot of all the fragility curves is shown in Figure 6.17. It is apparent that, in first
approximation, the various assumed modes of degradation cause the median (or mean) flexural capacity
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to decrease, but have little impact on the coefficient of variation in capacity. The fact that the fragility
curves appear to remain parallel to one another under various states of degradation has some important
implications for in-service fragility evaluation, updating, and condition assessment, which will be
discussed in more detail in Section 8.

6.4 Generalization of Results

The results presented in the previous section apply to the propped cantilever considered in the study. The
results of that study are generalized to other flexural members (beams and one-way slabs) in this section.
Since it is shown in Figure 6.17 that the fragility curves are essentially parallel, the margin between
degraded and undegraded capacities remains constant regardless of the probability of failure being
considered. The results in this section are generated by evaluating the ratio of moment capacity for the
beam with degraded properties to that without degradation.

The effects of concrete spalls are considered first. For a singly reinforced concrete beam or one-way slab,
the moment capacity can be written as:

M=Af, (d-qd) (6.20)
where, q=p £,/ 1.7f"

Concrete spall reduces the depth d by the amount of cover (c). The ratio of the two moment capacities is:

Maegad/ Mipdegaa = (1 - ¢/d -q ) / (1 - g) ‘ (6.21)

This ratio is plotted in Figures 6.18, 6.19, and 6.20 for the three cases of concrete cover: 3/4 in. (19.1
mm), 1-1/2 in. (38.1 mm), and 3 in. (76.2 mm) respectively. The 3/4 in. (19.1 mm) is typical of a slab and
it can be seen from Figure 6.18 that the cover spall can result in reductions of moment capacity greater
than 20% when the slab thickness is less than about 5 in. (12.7 cm). These slab thicknesses are not likely
to be found in NPPs. The degradation for 1-1/2 in. (38.1 mm) cover, typical of what would be found for
interior beams, is shown in Figure 6.19. It can be seen that for beams with depths greater than 10 in. (25.4
cm) the degradation is less than 20%. The degradation for 3 in. (76.2 mm) cover, typical of what would
be found for exterior beams, is shown in Figure 6.20. It can be seen that the degradation is greater than
20% for beams less than 18 in. (45.7 cm) depth. Most exterior beams in NPPs are likely to be deeper than
this but some flexural members in intake structures or cooling towers may be shallower. Degradation of
these members may be significant and should be considered carefully. It is also interesting to note from
the figures that the degradation is not very sensitive to the design value of q.

Degradation of steel cross-sectional area and concrete compressive strength is considered next. If the ratio
of degraded to undegraded concrete strength is designated as {, the ratio of moment capacities can be
written as:

Masgrat! Mundegsa = (1-a/ ) /(1 - ) (6.22)
The results of this case are shown in Figure 6.21. It can be seen that the degradation approaches 20% for
the heavily reinforced beam when the degraded concrete strength is less than 70% of the design strength.
In view of the concrete strength gain with age this is unlikely to occur.

If the ratio of degraded to undegraded steel area is designated as £, the ratio of moment capacities can be
written as:
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Macgrna/ Mindegna =§ (1-q€) /(1 - Q) (6.23)

The results of this case are shown in Figure 6.22. It can be seen that the degradation can exceed 20% for
the lightly reinforced beam when the degraded steel area is less than about 80% of the design area. As
discussed above, steel degradation in this range results in staining and cracking of the concrete that is
readily observable.

Combined degradation of steel area loss and concrete spalling are considered next. Using the same
notation as defined above, the ratio of degraded to undegraded moment capacity is:

Macgraa / Mundegna =& (1 —c/d = £ @) / (1 ~q) (6.29)

If the ratio of degraded to undegraded moment capacity is to be greater than 80% then the (c/d) ratio for
the beam must be:

c/d>1-£q-08(1—-q/& (6.25)
This is used in Section 8 to establish acceptance criteria for flexural members.

A change in failure mode from that assumed for design purposes might be a source of concemn. The
failure mode of a flexural member changes from yielding of the reinforcement to crushing of the concrete
when the steel reinforcement ratio exceeds the balanced ratio as given in Eq. 6.3. Degradation of the
concrete compressive strength and/or the concrete failure strain would result in a lower balanced
reinforcement ratio. A beam designed according to ACI 318-99, however, is restricted to have a
reinforcement ratio less than 75% of the balanced ratio. It is unlikely that the combined effects of the
failure strain and compressive strength would cause the failure mode to change from yielding of the steel
to crushing of the concrete. Degradation of the steel area decreases the reinforcement ratio and makes it
less likely that the failure mode would change.

The failure mode could also change from flexure to shear; although the design procedures, for flexural
members, contained in ACI 318-99 are intended to produce flexural failures rather than the more brittle
shear failures. The Code requires that the capacity reduction factor for shear be set at a more conservative
value of 0.85 as compared to 0.9 for flexure. This accounts for the larger variabilities found for shear
strength than for flexural strength. However, spalling of the concrete cover and corrosion of the stirrups
may, in some instances, induce a shear failure. This is considered in Section 8.2 in developing acceptance
criteria for flexural members.
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Table 6.1

Statisical Analysis of Undegraded Propped Cantilever Beam

fy fe ft gu d Bf Bsh b As+ As- p1 a+ M+ a- M- wf  Asbal

(ksi) (ksi) (ksi) (in) (in) (sqin) (sqin) (in) (k in) (in) (kin) (k/ft) (sqin)

669 3321 0332 00024 211 0.94 0.96 13 237 395 0.85 432 3003 720 4624 791 5.02
544 4653 0483 00041 213 1.03 0.87 13 237 395 0817 251 2585 418 4128 757 1128
624 3783 0384 00043 209 0.97 1 13 237 3.95 0.85 354 2829 590 4425 7.74 7.93
80.1 2915 028 00039 205 1.05 1.13 13 2.37 3.95 0.85 5.89 3332 982 4932 9.67 4.10
709 3959 0404 0.0040 211 1.14 0.84 13 2.37 3.95 0.85 384 3223 6.40 5013 1034 687

59 4354 0449 00044 217 1.04 1.1 13 237 395 0832 291 2831 484 4493 835  10.07
634 3552 0358 00029 21 0.96 1.08 13 237 3.95 0.85 3.83 2868 638 4460 775 630
738 4063 0416 00046 216 0.99 0.9 13 237 395 0847 390 3437 649 5350 9.58 1

66 34 0341 00047 214 1.02 1.02 13 237 3.95 0.85 4.16 3022 694 4674 866 6.98
678 3477 0349 00031 203 1.06 116 13 237 3.95 0.85 4.18 2926 697 4503 8.69 5.57
643 275 0267 00036 208 1.09 12 13 237 3.95 0.85 5.01 2788 8.36 4221 847 517
698 4189 043 00038 215 1.12 0.8 13 2.37 395 0841 357 3261 5.96 5107 1030 734

76 2451 0233 0.0037 204 1.01 0.94 13 237 3.95 0.85 665 3076  11.08 4460 8.52 3.62
722 3627 0367 00033 207 1 0.73 13 237 3.95 0.85 427 31717 712 4889 8.90 5.57
603 -3.145 0312 0.0051 22 1.11 1.06 13 237 3.95 0.85 4.11 2850 685 4424 890 7.66
687 3704 0375 00042 212 1.08 1.27 13 237 3.95 0.85 398 3128 6.63 4853 9.50 6.86
614 3237 0322 00034 20 0.9 0.92 13 2.37 3.95 0.85 407 2614 678 4028 6.60 6.10
573 3867 0394 00056 209 1.18 1.04 13 2.37 395 - 085 3.18 2622 530 4131 875 9.79
651  3.041 03 00049 206  1.07 0.98 13 . 237 3.95 0.85 459 2824 765 4313 845 6.20

Mean 66 3.552 0358 0.0040 21 1.04 1 0.85 4.07 2926 6.78 4493 8.66 6.86
StdDev  6.59 0.56 0.06 0.0008 0.52 0.07 0.14 : 0.01 096 24687 159 36236 095 1.97
CoOvV 0100 0159 0179 01995 0.025 0069 0.140 © 0010 0235 0084 0235 0081 0109 0286

Note: 1 ksi = 6.89 MPa, 1 in. = 25.4 mm, 1 sq in = 6.45 cm?, 1 k-in= 113 N-m, 1 k/ft = 14.6 kN/m

162



Table 6.2

Summary of Results for Degraded Beams

Degradation Mechanism Meanwf COV  2%POF Analysis Fragility
(k/ft) load (k/ff Table = Curve

None 8.66 0.109 6.87 6.1 Fig. 6.8

Bottom Spall 823  0.116 645 63 Fig. 69

Top Spall 8.06 0.119 627 64 Fig. 6.10

Top & Bottom Spall 7.89 0.126 6.05 6.5 Fig. 6.11
10 % Loss of Top & Bottom Steel 781 0.117 6.11 6.6 Fig. 6.12

20 % Loss of Top and Bottom Steel 7.29 0.127 5.57 6.7 Fig. 6.13
20 % Loss of Bottom Steel & Bottom Spall ~ 7.11 0.121 5.51 . 638 Fg. 6.14

20 % Loss of Top Steel and Top Spall 745 0.119 5.79 6.9 Fig. 6.15

Note: 1 k/ft = 14.6 kN/m

163



Table 6.3

Statisical Analysis of Degraded Propped Cantilever (Bottom Spall)

fy flc ft d Cover Bf Bsh b As+ - As- Bt a+ M+ a- M- wf
(i)  (si)  (ksi)  Gn) (i) (n)  (sqin) (sqin) ) kin)  Gn)  (kin) (k/fY

66.9 3321 0332 211 2.63 0.94 0.96 13 237 3.95 0.85 432 3003 720 3929 747

544 4653 0483 213 1.75 1.03 0.87 13 237 395 0.817 2.61 2578 435 3734 728

. 624 3783 0384 209 1.67 097 1 13 237 395 0.85 354 2829 590 4013 747

80.1 2915 - 0286 205 13 1.05 1.13 13 237 3.95 0.85 589 3332 982 4521 938

709 395 0404 211 2 1.14 0.84 13 237 3.95 0.85 384 3223 640 4453 991

59 4354 0449 217 1.05 1.04 1.1 13 237 395 0832 297 2827 495 4236  8.16

634 3552 0358 21 1.58 0.96 1.08 13 237 3.95 0.85 383 2868 638 4064 749

738 4063 0416 216 2.1 0.99 09 13 237 395 0847 391 3436 652 4735 917

66 34 0341 214 14 1.02 1.02 13 237 395 0.85 416 3022 694 4309 841

67.8 3477 0349 203 245 1.06 1.16 13 237 3.95 0.85 4.18 2926 6.97 3847 823

64.3 2,75 0.267 20.8 0.87 1.09 12 13 237 395 0.85 5.01 2788 8.36 4000 830

69.8 4.189 043 215 0.54 112 0.8 13 237 3.95 0.841 3.61 3258 6.02 4949  10.18

76 2451 0233 204 1.5 1.01 0.94 13 237 3.95 0.85 665 3076 1108 4010 822

722 3.627 0367 207 1.83 1 0.73 13 237 3.95 0.85 427 3177 712 4367 855

603  3.145 0312 22 22 111 1.06 13 237 395 085 4.11 2850 685 3900 850

687 3714 0375 212 1.19 1.08 1.27 13 237 3.95 0.85 397 3129 661 4533 927

614 3237 0322 20 231 0.9 0.92 13 237 3.95 0.85 407 2614 678 3468 626

573 3867 0394 209 2.96 1.18 1.04 13 237 3.95 0.85 318 2622 530 3461 822

65.1  3.041 0.3 20.6 1.92 1.07 0.98 13 237 395 0.85 459 2824 765 3820 809

Mean 66 3.552 0358 21 1.75 1.04 1 0.850 4.068 2926 678 4013 823
StdDev  6.59 056 006 052 0.62 0.07 0.14 0.008 0942 24727 1.57 40247 095
COV  0.100 0.15 0179 0025 0355 0069 0.140 0.010 0231 0.085 0231 0100 0.116

Note: 1 ksi = 6.89 MPa, 1 in. = 25.4 mm, 1 sq in=6.45 em?, 1 k-in=113 N-m, 1 k/ft = 14.6 kN/m
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Table 6.4

Statisical Analysis of Propped Cantilever (Top Spall)

fy  fo ft d  Cover Bf  Bsh b As  As Bl &  Mr & M i

(esi)  (ksi)  (ksi) __(in) (in) () _ (sqin) (sqin) () (kin) (m) (kin) (k/fY)

669 3321 0332 211 2,63 0.94 0.96 13 237 3.95 0.85 4.32 2586 720 4624 722
544 4653 0483 213 1.75 1.03 0.87 13 2.37 395 0817 261 2352 435 4110 713
624 3783 0384 209 1.67 0.97 1 13 237 3.95 0.85 3.54 2582 590 4425 731
80.1 2915 028 205 1.3 1.05 1.13 13 237 395 0.85 589 3085 9.82 4932 9.21
709 3959 0404 21.1 2 1.14 084 13 237 3.95 0.85 384 2887 6.40 5013 9.66
59 4354 0449 217 1.05 1.04 1.1 13 237 395 0832 297 2680 495 4481 8.06
634 3552 0358 21 1.58 0.96 1.08 13 237 3.95 0.85 3.83 2630 6.38 4460 734
738 4063 0416 216 21 0.99 0.9 13 237 395 0847 391 3069 6.52 5347 893
66 34 0341 214 14 1.02 1.02 13 237 395 0.85 4.16 2803 694 4674 826
678 3477 0349 203 245 1.06 1.16 13 237 3.95 0.85 4.18 2532 6.97 4503 7.95
643 275 0267 208 0.87 1.09 1.2 13 237 3.95 0.85 5.01 2655 8.36 4221 8.21
69.8 4189 043 215 0.54 1.12 0.8 13 237 395 0841 3.61 3169 6.02 5098  10.11
76 2451 0233 204 1.5 1.01 0.94 13 237 3.95 0.85 6.65 2805 11.08 4460 8.04
722 3.627 0367 207 1.83 1 0.73 13 2.37 3.95 0.85 4.27 2864 112 4889 835
603 3.145 0312 22 22 1.1 1.06 13 237 3.95 0.85 4.11 2536 6.85 4424 828
687 3714 0375 212 1.19 .08 127 13 2.37 395 0.85 397 2935 6.61 4856 9.13
614 3237 0322 20 231 0.9 0.92 13 237 3.95 0.85 4.07 2278 6.78 4028 6.06
573 3867 039 209 2.96 1.18 1.04 . 13 237 3.95 0.85 3.18 2220 530 4131 791
651  3.041 03 20.6 1,92 1.07 0.98 13 237 3.95 0.85 4.59 2528 7.65 4313 7.89

Mean 66 3552 0358 21 1.75 1.04 0850 4.068 2655 6.78 4481 8.06
StdDev  6.59 0.56 0.06 0.52 0.62 0.07 0.008  0.942 268 1.57 36282 096
COV 0100 0159 0.179 0025 0355 0.069 0010 0231 0101 0231 0.081 0.119

Note: 1 ksi = 6.89 MPa, 1 in. = 25.4 mm, 1 sq in = 6.45 cm’, 1 k-in = 113 N-m, 1 k/ft = 14.6 kKN/m
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Table 6.5

Statisical Analysis of Propped Cantilever (Top and Bottom Spall)

fy fie ft d Cover Bf Bsh b As+ As- g1 a+ M+ a- M- wf
(ksi)  (ksi)  (ksi)  (in) (in) (in)  (sqin) (sqin) (n) kin) @(m) (kin) (k/ft)
669 3321 0332 211 2.63 0.94 0.96 13 237 3.95 0.85 432 2586 720 3929 6.8
544 4653 0483 213 1.75 1.03 0.87 13 237 395 0817 261 2352 435 3734 687
624 3783 0384 209 1.67 097 1 13 237 395 0.85 354 2582 590 4013  7.05
8.1 2915 028 205 13 1.05 1.13 13 237 3.95 0.85 589 3085 982 4521 892
709 395 0404 211 2 1.14 084 13 237 395 0.85 384 2887 640 4453 923
59 4354 0449 217 1.05 1.04 11 13 237 395 0832 297 2680 495 4236  7.89
634 3552 0358 21 1.58 0.96 1.08 13 237 3.95 0.85 38 2630 638 4064  7.09
738 4063 0416 216 2.1 0.99 09 13 237 395 0847 391 3069 652 4735 852
66 34 0341 214 14 1.02 1.02 13 237 395 0.85 416 2803 694 4309 801
678 3477 0349 203 245 1.06 1.16 13 237 3.95 0.85 418 2532 697 3847 749
64.3 275 0267 208 0.87 1.09 12 13 237 395 0.85 5.01 2655 836 4000 805
698 418 043 215 0.54 1.12 0.8 13 237 395 0841 361 3169 602 4949  10.00
76 2451 0233 204 15 1.01 0.94 13 237 3.95 0.85 6.65 2805 11.08 4010 7.73
722  3.627 0367 207 1.83 1 0.73 13 237 3.95 0.85 427 2864 712 4367  8.00
603 3.145 0312 22 22 1.11 1.06 13 237 3.95 0.85 411 2536 685 3900  7.89
68.7 3714 0375 212 1.19 1.08 1.27 13 237 395 0.85 397 2935 6.61 4533 8.90
614 3237 0322 20 2.31 0.9 0.92 13 237 395 0.85 4.07 2278 6.78 3468 572
573 387 0394 209 2.96 1.18 1.04 13 237 3.95 0.85 318 2220 530 3461 738
651  3.041 03 20.6 1.92 1.07 098 13 237 395 0.85 459 2528 765 3820  7.53 -
Mean 66 3552 0358 21 1.75 1.04 0.850 4.068 2655 6.78 4013 7.89
Std Dev  6.59 0.56 0.06 0.52 0.62 0.07 0.008 0.942 268 1.57 40247 099
Cov 0100 0159 0.179 0025 0355 0.069 0010 0231 0101 0231 0100 0.126

Note: 1 ksi = 6.89 MPa, 1 in. =25.4 mm, 1 sq in = 6.45 cm?, 1 k-in = 113 N-m, 1 k/ft = 14.6 kN/m
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Statisical Analysis of Propped Cantilever (10 % Steel Loss)

Table 6.6

fy f'c ft d Cover Bf Bsh b As(10%)As (20%) As+ As- g1 a+ M+ a- M- wf
(ksi) (ksi) (ksi) (in) (in) (in)  (sqin) (sqin) (sqin) (sqin) (in) (k in) (in) (kin)  (k/ft)
669 3321 0332 211 2.63 0.94 0.96 13 0710 0726 213 3.55 085 '3883 2730 6472 4243 7219
544 4653 0483 213 1.75 1.03 0.87 13 0.725 0.581 2175 3.625 0817 2301 2384 3835 3822 6989
624 378 0384 209 1.67 0.97 1 13 0675 0646 2025 3375 085 3.023 2450 5038 3871 6.726
80.1 2915 028 205 13 1.05 113 13 0.731 0.600 2193 3.655 0.85 5453 3122 9.080 4671  9.094
70,9 3959 0404 211 2 1.14 0.84 13 0.756 0619 2268 378 085 3676 3097 6126 4834 9.948
59 4354 0449 217 1.05 1.04 11 13 0706 0569 2.118 3.53 0.832 2597 2549 4329 4069 7533
634 3552 0358 21 1.58 0.96 1.08 13 0720 0.636 216 3.6 085 3489 2637 5815 4129 7141
738 4063 0416 216 21 0.99 0.9 13 0.658 0677 1974 329 0847 3245 2910 5408 4588 8.148
66 34 0341 214 14 1.02 1.02 13 0745 0537 2235 3725 085 3926 2867 6544 4457 8227
678 3477 0349 203 245 1.06 1.16 13 0692 0591 2076 346 085 3663 2599 6106 4046 7755
643 275 0267 208 0.87 1.09 1.2 13 0.697 0555 2.091 3485 0.85 4425 2499 7374 3835 7.627
698 418 043 21.5 0.54 1.12 0.8 13 0.667 0.610 2.001 3335 0841 3017 2792 5029 4420 8.857
76 2451 0233 204 1.5 1.01 0.94 13 0.701 0656 2103 3505 085S 5901 2789 9.835 4124 7781
722 3627 0367 207 1.83 1 0.73 13 0715 0628 2145 3575 085 3864 2907 6440 4512 8173
603 3145 0312 22 22 1.11 1.06 13 0.681 0705 2.043 3405 0.85 3545 2492 5908 3911 7.809
687 3714 0375 212 1.19 1.08 1.27 13 0.640 0.68% 192 32 0.85 3214 2584 5357 4072 789
614 3237 0322 20 231 0.9 0.92 13 0.687 0764 2061 3435 085 3.538 2307 5896 3596 5847
573 3867 03% 209 2.96 1.18 1.04 13 0775 0.665 2325 3875 085 3118 2577 5196 4064 8.600
651 3,041 0.3 20.6 1.92 1.07 0.98 13 0737 0504 2211 3685 085 4283 2657 . 7139 4086  1.965
Mean 66 3.552 0358 21 1.75 1.04 1 0706  0.628 0.850 3.545 2637 5908 4086  7.809
StdDev 659 0.56 0.06 0.52 0.62 0.07 0.14 0.03 0.07 .0.008 0878 227 146 32568 091
COV 0100 0159 ° 0179 0025 0355 0069 0.140 0.049 0.106 0.010 0.248 0.086 0248 0080 0.117

Note: 1 ksi = 6.89 MPa, 1 in. =25.4 mm, 1 sq in = 6.45 cm®, 1 k-in = 113 N-m, 1 k/ft = 14.6 KN/m

167




Statisical Analysis of Propped Cantilever (20 % Steel Loss)

Table 6.7

fy f'c ft d Cover Bf Bsh b As (10%)As (20%) As+ As- p1 a+ M+ a- M- wi
(ksi) (ksi) (ksi) (in) (in) (in)  (sqin) (sqin) (sqin) (sqin) (in) (kin) (in) (kin) (k/ft)
669 3321 0332 211 2.63 0.94 0.96 13 0710 0726 2178  3.63 0.85 3971 2785 6618 4321 7360
544 4653 048 213 1.75 1.03 0.87 13 0725 0581 1743 2905 0817 1844 1932 3074 3123 5682
624 3783 0384 209 1.67 0.97 1 13 0675 0.646 1,938 3.23 085 2893 2353 4822 3727 6465
801 2915 0286 205 13 1.08 113 13 0.731  0.600 1.8 3 085 4476 2633 7460 4030 7.733
709 395 0404 211 2 1.14 0.84 13 0756 0619 1857 3.095 085 3.010 2580 5016 4080 8327
59 4354 0449 217 1.05 1.04 1.1 13 0706 0569 1707 2845 0832 2093 2080 3489 3350 6.167
634 3552 0358 21 1.58 0.96 1.08 13 0720 0.636 1908 3.18 085 3.082 2354 5137 3716 63%
73.8 4.063 0.416 21.6 2.1 0.99 09 13 0.658 0.677 2.031 3385 0847 3339 2987 5564 4701 8.358
66 34 0341 214 14 1.02 1.02 13 0745 0537 1611 2685 085 2830 2125 4717 3374 6.146
678 3477 0349 203 2.45 1.06 1.16 13 0692 0591 1773 2955 . 085 3129 2252 5215 3545 6.747
643 275 0.267 20.8 0.87 1.09 12 13 0.697 0.555 1.665 2775 0.85 3.523 2038 5872 3188 6264
698 4189 043 215 0.54 1.12 0.8 13 0.667 0610 183 3.05 0841 2760 2570 4599 4088 8167
76 2451 . 0233 204 1.5 1.01 0.94 13 0701 0.656 1968 3.28 085 5522 2638 9204 3938 7.385
722 3.627 0367 207 1.83 1 0.73 13 0715 0.628 1884 3.14 085 3394 2585 5657 4052 7.294
603  3.145 0312 22 2.2 1.11 1.06 13 0681 0705 2115 3525 085 3670 2572 6116 4026 8052
687 3714 0375 212 1.19 1.08 1.27 13 0.640 0689 2067 3445 085 3460 2765 5767 4335 8427
614 3237 0322 20 231 0.9 0.92 13 0.687 0764 2292 382 0.85 3934 2538 6.557 3922 64il
573 3867 0394 209 2.96 1.18 1.04 13 0775 0.665 1995 3325 085 2675 2236 4459 3557 7.488
651  3.041 0.3 20.6 1.92 1.07 0.98 13 0737 0504 1512 252 085 2929 18384 4.882 2979 5706
Mean 66 3.552 0358 21 1.75 1.04 1 0.706  0.628 0850 3129 2538 5215 3922 7294
StdDev  6.59 0.56 0.06 0.52 0.62 0.07 0.14 0.03 0.07 0.008 0828 309 138 45690 093
Cov 0100 0159 0179 0025 0355 0069 0.140 0049 0.106 0010 0265 0122 0265 0116 0.127

Note: 1 ksi = 6.89 MPa, 1 in. = 25.4 mm, 1 sq in = 6.45 cm?, 1 k-in = 113 N-m, 1 k/ft = 14.6 kKN/m

168



Statisical Analysis of Propped Cantilever (20 % Bottom Steel Loss and Bottom Spall)

Table 6.8

fy f'c ft d Cover Bf Bsh b As(Q0%) As+ As- p1 a+ M+ a- M- wf
(ksi) (ksi) (ksi) (in) (in) (in) (sqin) (sqin) (sqin) (in) (k in) (in) (kin) (k/ft)
669 3321 0332 211 2.63 094 0.96 13 0726 2178 395 085 3971 2785 72001 3929 7112
544 4653 0483 213 1.75 1.03 0.87 13 0581 1743 3.95 0817 184 1932 4179 3752 6.117
624 3783 0384 209 1.67 097 1 ‘13 0646 1938 395 0.85 2893 2353 589% 4013 6652
80.1 2915 0286 205 13 1.05 1.13 13 0.600 1.8 3.95 085 4476 2633 9823 4521 8.08%0
709 395 0404 211 2 1.14 0.84 13 0619 1857 395 085 3010 2580 6402 4453 8613
59 4354 0449 217 1.05 1.04 1.1 13 0569 1707 395 0832 2093 2080 4844 4248 6795
634 3552 0358 21 1.58 0.96 1.08 13 0636 1908 395 085 3082 2354 6380 4064 6.619
738 4063 0416 216 2.1 0.99 09 13 0677 2.031 3.95 0.847 3339 2087 6493 4738 8333
66 34 0.341 214 14 1.02 1.02 13 0537 1611 3.95 085 2830 2125 6939 4309 6787
678 3477 0349 203 245 1.06 1.16 13 0591 1773 3.95 085 3129 2252 6970 3847 6963
64.3 2775 0267 208 0.87 1.09 1.2 13 0.555 1665 395 085 3523 2038 8358 4000 6.860
698 418 043 21.5 0.54 1.12 0.8 13 0.610 1.83 3.95 0841 2760 2570 5956 4958 8822
76 2451 0233 204 1.5 1.01 0.94 13 0656 1968 395 0.85 5522 2638 11.084 4010 7434
722 3627 0367 207 1.83 1 0.73 13 0628 1884 395 085 3394 2585 7116 4367 7.506
60.3 3145 0312 22 22 1.11 1.06 13 0705 2115 395 085 3670 2572 6854 3900 7958
687 3714 0375 212 119 108 1.27 13 0.689 2067 395 085 3460 2765 6612 4533 8571
614 3237 0322 20 2.31 09 0.92 13 0764 2292 395 085 3934 2538 6780 3468 6.137
573 3867 0394 209 2.96 1.18 1.04 13 0665 1995 395 085 2675 2236 5297 3461 7411
65.1 3.041 0.3 20.6 1.92 1.07 0.98 13 0.504 1.512 - 3.95 085 2929 1834 7652 3820 6311
Mean 66 3552 0358 21 175 1.04 1 0.628 0850 3.129 2538 6780 4013 7.112
StdDev  6.59 0.56 0.06 0.52 0.62 0.07 0.14 0.07 0.008 0.828 309 1.59 403.00 086
CcoOvV 0100 0159 0179 0025 0355 0069 0.140 0.106 0010 0265 0122 0235 0100 0.121

Note: 1 ksi = 6.89 MPa, 1 in, =25.4 mm, 1 sq in = 6.45 cm? 1 k-in= 113 N-m, 1 k/ft = 14.6 kN/m
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Table 6.9

Statisical Analysis of Propped Cantilever (20 % Top Steel Loss and Top Spall)

M+

fy f'c ft d Cover Bf Bsh b As(20%) As+ As- p1 a+ a- M- wf
(ksi) (ksi) (ksi) (in) (in) (in)  (sqin) (sqin) (sqin) (in) (k in) (in) (kin)  (k/ft)
669 3321 0332 211 263 0.94 0.96 13 0726 237 3.63 085 4321 2586 6618 4321 7.028
544 4653 0483 213 1.75 1.03 0.87 13 0581 237 2905 0817 2508 2359 3074 3123 6459
624 3783 038 209 1.67 0.97 1 13 0.646 237 323 085 3538 2582 4822 3727 6.859
80.1 2915 0286 205 13 1.05 1.13 13 0.600 237 3 085 5894 3085 7460 4030 8.573
70.9 3.95% 0.404 21.1 2 1.14 0.84 13 0.619 237 3.095 0.85 3.841 2887 5.016 4080 8.946
59 4354 0449 217 1.05 1.04 1.1 13 0.569- 237 2845 0832 2906 2684 3489 3350 7.278
634 3552 0338 21 1.58 0.96 1.08 13 0636 237 3.18 085 3828 2630 5137 3716 6863
738 4063 0416 216 2.1 0.99 0.9 13 0677 237 3385 0847 389 3070 5564 4701 8503
66 34 0341 214 14 1.02 102 © 13 0537 237 2685 085 4163 2803 4717 3374 7369
678 3477 0349 203 245 1.06 1.16 13 0.591 237 2955 085 4182 2532 5215 3545 71272
643 275 0267 208 087 1.09 1.2 13 0555 237 2775 085 5015 2655 5872 3188 7453
698 4180 043 21.5 0.54 1.12 0.8 13 0.610 237 3.05 0841 3574 3172 4599 4088 9359
76 2451 0233 204 1.5 1.01 0.94 13 0656 237 3.28 085 6651 2805 9204 3938 7684
722 3627 0367 207 1.83 1 0.73 13 0628 237 3.14 085 4269 2864 5657 4052 1787
603 3145 0312 22 22 1.11 1.06 13 0705 237 3525 085 4112 2536 6116 4026  7.981
687 3714 0375 212 1.19 1.08 1.27 13 0.689 237 3445 085 3967 2935 5767 4335 8752
614 3237 0322 20 2.31 0.9 0.92 13 0.764 237 3.82 085 4068 2278 6557 3922 5998
573 3867 0394 209 2.96 1.18 1.4 13 0.665. 237 3325 085 3178 2220 4459 3557 17455
651  3.041 0.3 20.6 1.92 1.07 0.98 13 0504 237 2.52 085 4591 2528 4882 2979 6926
Mean 66 3.552 0358 21 1.75 1.04 1 0.628 0850 4.068 2655 5215 3922 7453
StdDev  6.59 0.56 0.06 0.52 0.62 0.07 0.14 0.07 0.008 0.957 268 138 45690 089
COvV 0100 0159 0179 0025 0355 0069 0.140 0.106 0010 0235 0101 0265 0116 0.119

Note: 1 ksi = 6.89 MPa, 1 in. = 25.4 mm, 1 sq in = 6.45 cm?, 1 k-in= 113 N-m, 1 k/ft = 14.6 kN/m
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7 EVALUATION OF REINFORCED CONCRETE SHEAR WALLS

The effects of degradation on the behavior of reinforced concrete shear walls are discussed in this section.
Characteristics of the shear walls studied are selected to be representative of those found in nuclear power
plants (NPPs). These characteristics are discussed in some detail in the ASCE Publication, “Stiffness of
Low Rise Reinforced Concrete Shear Walls,” (ASCE, 1994). A specific shear wall, selected as being
representative, has a height/width ratio equal to one, a thickness equal to 2 ft (61.0 cm), and a
reinforcement ratio equal to 0.003 in each direction. Fragility data are developed for this wall considering
the concrete compressive strength, the concrete tensile strength, the steel yield strength, the concrete
initial tangent modulus (initial modulus of elasticity), the concrete compressive failure strain, and shear
wall modeling as random variables (see Tables 5.1 and 5.2). The load-deflection characteristics of the
wall are evaluated with the ANSYS computer code. Lognormal fragility curves are then developed for
degraded and undegraded conditions of the wall. Comparisons of the degraded and undegraded fragility
curves are used to evaluate the effect of degradation on the wall.

As noted in Section 5, the limit state defined for the wall is based on the wall drift exceeding four times
the drift at the yield load. This limit state is selected to represent the potential for damaging equipment
and piping systems that may be mounted on or penetrate the wall. An equivalent static lateral force
method of analysis is used making the evaluation similar to a nonlinear pushover analysis of the type
often used in modemn earthquake-resistant design and evaluation (e.g., Krawinkler, 1998). The objective
of the study is to develop data describing the relative fragilities of degraded to undegraded walls. It is
likely that dynamic effects play similar roles in modifying the fragilities for both conditions, and therefore
the ratio of the degraded to undegraded fragility would be about the same in either case. Loads acting on
the wall are assumed to include an axial gravity load followed by a monotonically increasing in-plane
load applied at the top of the wall.

The ANSYS code is first validated by comparing predicted results with experimental data obtained for
shear walls similar to those of interest here. The design of the example shear wall is then discussed
together with deterministic predictions of the wall’s behavior. Both ANSYS and standard design tools are
used to make these predictions. The fragility of this wall in both the undegraded and degraded states is
then developed. Finally, the results for the example wall are generalized to include a broader range of
shear walls that would be found in NPPs.

It should be noted that this section utilizes some equations and coefficients in accordance with the ACI
318 Code which are only valid in English units (i.e., not SI units). Therefore, for these situations, only
English units are provided. Where appropriate, SI units are provided in parenthesis following the English
units.

7.1 Validation of ANSYS for Shear Walls

The ANSYS computer code (Version 5.4) is used to evaluate shear wall responses. The predictions made
with this code are compared with the results of a test program (Yamakawa, 1995) on shear walls to
validate this application of the code. Six structural walls were tested, two in an undegraded state and four
artificially degraded by subjecting the walls to electrolytic corrosion. One of the undegraded walls is
selected for comparison with the results obtained from the ANSYS code.

A sketch of the test wall is shown in Figure 7.1. It can be seen that the height to width ratio of the wall is
1.19 and the reinforcement ratio is 0.008 in both the horizontal and vertical directions. The yield strength
of the steel was 62.2 ksi (429 MPa) and the compressive strength of the concrete was 3.57 ksi (24.6 MPa).
A uniform compressive stress equal to 0.284 ksi (1.96 MPa) was applied and maintained on the wall
followed by an in-plane horizontal load applied at the center of the stiff member at the top of the wall.
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The horizontal load was cycled with increasing drifts applied to the wall. Load-deflection measurements
were taken and crack patterns were noted as they developed.

The model used for the ANSYS comparison is shown in Figure 7.2. Due to symmetry along a vertical
plane at the center of the shear wall, only one-half of the wall is modeled. Although the model represents
one-half of the shear wall, all results presented in this report are for the full wall. The concrete is modeled
with element type “SOLID65” of ANSYS. The uniaxial stress strain law, based on Hognestad’s
formulation (Park and Paulay, 1975), is prescribed for the concrete as follows:

f.=f'[28. /% - (/)] forse < &, 7.1
f.=f" fore.> g,
where, €, =2 f'./E; and E; = initial tangent modulus

A tensile strength and compressive failure strain is also prescribed for the concrete. Cracking (at the
tensile strength - ;) and crushing (at the failure compressive strain - ;) behavior of the concrete is
considered in the solutions. The ANSYS model prescribes shear stiffness along cracks to be one half of
the stiffness in the uncracked material and equal to the uncracked material after the cracks closes. No
tensile stress can be transmitted across cracks, but compressive stresses can be transmitted after cracks
close. The following concrete parameters are used for this problem:

f'.=3.57ksi (24.6 MPa); £ =0.448 ksi (3.09 MPa); E, = 3,670 ksi (25.3 GPa)

The steel reinforcement is modeled discretely with spar elements having elastic perfectly plastic material
properties with a yield stress equal to 62.2 ksi (429 MPa).

The boundary conditions restrain all vertical and horizontal translation at all base nodes and horizontal
out-of-plane translation at all the nodes on the vertical plane of symmetry.

The ANSYS code solves static nonlinear problems with the user usually specifying the initial load step
size (also corresponds to the minimum load step size for the bisection method when convergence

becomes a problem), the maximum number of iterations permitted per load step size, and the convergence
criteria. The convergence criteria selected for this analysis is a force convergence criterion. Convergence
is obtained when the size of the residual (summation of all unbalanced forces at every degree-of-freedom)
is less than the user-specified value.

These parameters were varied in sensitivity studies to establish appropriate values which lead to good
solutions with consideration given to the computer time required to obtain the solutions. For the ANSYS
wall analysis validation, the loading increment in the elastic range (prior to concrete cracking), required
very few solutions. When cracking was initiated, the load increments were reduced to a minimum of 0.2%
of the maximum load applied to the wall. This corresponds to 80 lbs (356 N) per load step increment. The
adequacy of this load step size increment was confirmed by reducing the load step size in half, which
resulted in a minimal variation in the response of the shear wall. Similar sensitivity studies were
performed for the convergence criteria to ensure that accurate results are achieved within a reasonable
execution time.

The lateral load-deflection curve from the ANSYS solution is compared to the measured test data in
Figure 7.3. The measured load-deflection experimental data is taken as the envelope of the data obtained
during the cyclic loading. The predicted results are reasonably close to the measured data. Comparisons
of crack patterns in the wall are shown in Figure 7.4. Note that the crack pattemns in the experimental wall
occurred as a result of cyclic loading. The cracks on the lower left corner of the wall result from left to
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right loading while the cracks on the lower right comer of the wall result from the right to left portion of
the cyclic load. The ANSYS results were obtained for monotonic loading from left to right so that the
cracks grow in the lower left corner of the wall. The predicted and measured crack patterns are very
similar. It is concluded that the ANSYS program is capable of predicting the behavior of low-rise shear
walls.

7.2 Deterministic Analysis of a Representative Shear Wall
7.2.1 Shear Wall Design

As discussed earlier, a shear wall typical of those found in NPPs is used as a sample problem. A sketch of
the shear wall is shown in Figure 7.5. The wall is 20 ft (6.1 m) high by 20 ft (6.1 m) wide and is 2 f& (61
cm) thick. The reinforcement consists of #5 bars spaced at 8.5 in. (21.6 cm) at each face in each direction
resulting in a horizontal and vertical reinforcing ratio equal to 0.003. The shear wall is assumed to be part
of an enclosure of a square room having similar shear walls on all sides and a ceiling with similar
dimensions. The walls normal to the shear wall under consideration act as flanges and provide moment
resistance. The ceiling slab acts as a stiff member to distribute the shear load uniformly across the wall.
An axial load resulting from gravity loads in the building is included and selected to produce a uniform
compressive stress in the wall equal to 300 psi (2.07 MPa). The concrete strength is taken as 4 ksi (27.6
MPa) and grade 60 reinforcement is used.

7.2.2 Evaluation of Shear Wall Using Analytical Solutions

The characteristics of this wall are evaluated with simple design models and with the ANSYS code. This
section utilizes several analytical methods to calculate the ultimate capacities for comparison with the
ANSYS solution, which is described in Section 7.2.3.

ACI Design Code Methodology
Using ACI 318-99 the shear capacity of the wall can be calculated using the expression:

Vo= [3.3(F')?hd+N,d/4L,+A,£d/s)] (7.2)
where, ¢ = capacity reduction factor, taken =1.0 here since true estimate
of capacity is desired for use in fragility calculations
h = wall thickness = 24 in.
d=0.8 * wall width =0.8 ¥ 240 = 192 in.
A, = area of horizontal steel within distance s, = 2* 0.31 = 0.62 in.2
s, = spacing of horizontal reinforcement = 8.5 in.
N. = axial load = 0.3 *h * L,, = 0.3*24*240 = 1,728 kips
L., = wall width = 240 in.

The resulting design capacity of the wall in shear is calculated to be 2,150 kips (9.56MN).

Barda et al. Methodology

There is experimental data indicating that the ACI code is conservative for low-rise walls. Barda et al.
(1977) used empirical data (based on tests of low-rise shear walls) to develop the following equation for
the concrete contribution to the wall shear strength:

V.= [83(¢)*?-34(")*H/L,-05)+N,/(4hL,)]hd (7.3)
where, H = wall height
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For fragility analyses the term f; / 6, in which £, = splitting strength, should be substituted for (f'.) . This
is necessary because the variability in the shear strength is incorrectly reduced when (f';) * is used in Eq.
73.

To account for the contribution of vertical and horizontal reinforcement to wall strength, Wesley and
Hashimoto (1981) developed the following equation for the shear strength developed from the horizontal

and vertical reinforcement ratios (py, and py):

Vs=[apn+bpJfhd 7.9
where, a=1-b
b=1 ;H/ Ly, <0.5
=2(1-h/Ly) ; 05<H/L, <l
=0 ; H/ Lw>1

The total shear wall capacity is calculated as the sum of equations 7.3 and 7.4. This results in a shear
capacity of 3,170 kips (14.1 MN), which is about 50% higher than the ACI code predicted capacity.

Potential Restriction on Shear Capacity Due to Flexure

The flexural capacity of the wall must also be considered. A sketch of the wall is shown in Figure 7.6.
The wall is subjected to a shear load (V) and an axial load (N,). The wall is reinforced and the flange of
the wall contains an area of steel (Ay). The flange depth is t; and the width of the flange is b. For
simplicity the steel in the flange is assumed to be located at the center of the flange. The vertical
reinforcement is distributed as a uniform thickness of steel (t.) rather than treated as discrete areas. Plane
sections are assumed to remain plane so that there is a linear strain distribution as shown. Flexural failure
is assumed to occur when the peak concrete strain reaches (g., = 0.003). The neutral axis is located at a
distance (c) from the point of maximum compressive strain. The distance from the neutral axis to the
point where the wall steel reaches yield is designated (cy) and may be related to ¢ and €., as shown. The
forces in the steel and concrete are then as shown in the figure. It is assumed that the concrete cannot
carry any tensile stress. The steel forces in the compression flange and the wall steel on the compression
side of the point where the steel strain reaches €, are neglected. It is further assumed that the depth (a) of
the compressive stress block is less that the flange depth. If this is not the case the following results must

be modified:
Equﬂibrim of the vertical forces requires that,
Nu=Fc-Tu-Ty
or substituting for the forces and solving for the neutral axis location,
c=[Nu+tfy (Lo +1tr) + Ay £] /[0.85F'. Brb+ey ft /e + 1 ] (7.5)

Moment equilibrium about the compressive force F. can then be used to evaluate the load V that may be
placed on the wall as

V=NuQ@te+Lw-2)/2+TuLuw+tr+c+e-a)/2+
T 3t:/2+Ly,-a/2)]/H (7.6)
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Application of this analysis to the example shear wall requires that the effective width of the flange be
determined. The requirements in the ACI code would restrict the flange width to L/4 or 5 ft (1.52 m) for
the 20 fi (6.1 m) rise of the wall. Data in Wang and Salmon (1979), however, indicate that this restriction
is very conservative. The ACI code results generally apply to supports at both ends of the beam so that
one could interpret the span of the cantilever as equivalent to a 40 ft (12.2 m) span for a beam supported
at both ends. This would result in an effective flange width equal to 10 ft (3.05 m) which compares well
with the data presented in Wang and Salmon. For this flange width the effective flange steel is A, = 0.003
* 120 * 24 = 8.64 in.> (55.7 cm®). The depth of the neutral axis ¢ = 9.27 in. (23.5 cm) is found from Eq.
7.5. Since the neutral axis lies in the flange, the analysis is applicable. For this value of c:

a=788in., ¢,=640in, F.=3215kips, T, =969 kips, T, =518 kips
The shear capacity as restricted by flexural consideration is:
V=(221,288 + 116,498 + 140,927) / 240 = 1,995 kips (8.87 MN)

The three terms in the numerator represent the contributions from the axial load, the wall reinforcement,
and the flange reinforcement respectively. It is found that the moment capacity limits the applied shear to
1,995 kips (8.87 MN). This is close to the shear load of 2,150 kips (9.56 MN) limited by the ACI code but
significantly less than the shear capacity of 3,170 kips (14.1 MN) limited by the Barda et al. analysis.

7.2.3 Evaluation of Shear Wall Using Finite Element Method

Design Case

The ANSYS model used to evaluate the load-deflection characteristics of the example wall is shown in
Figure 7.7. The same model characteristics are used as discussed above for the ANSYS validation except
that the material properties reflect the design properties. The material properties used for this “design
case” are f'. = 4 ksi (27.6 MPa), f, = 448 psi (3.09 MPa), E;; = 3,834 ksi (26.4 GPa), and £, = 60 ksi (414
MPa).

The nonlinear analysis was performed using solution parameters (load step size, number of iterations, and
convergence criteria) similar to those described for the ASNSYS validation study in Section 7.1. The
major differences are: a constant load step increment was used once concrete cracking was initiated and a
larger force convergence criterion was utilized. The constant load increment was selected in order to be
able to compare solutions at the same load steps for the various samples and cases performed. The
convergence criterion was increased because the representative shear wall problems studied were much
larger than the validation model. Sensitivity studies were made for all of these parameters to confirm the
accuracy of the selected values while minimizing the computer execution time.

A load-deflection plot derived from the ANSYS solution is shown in Figure 7.8. Straight lines are fit to
the elastic and inelastic portion of the design curve so that various characteristics of the curve may be
established. This shows that the yield load is about 2,550 kips (11.3 MN) and the corresponding yield
deflection is 0.075 in. (1.91 mm) (drift ratio = 0.03%). The limit state is defined in the following section
as occurring when the drift ratio reaches four times the yield drift ratio [a deflection of 0.3 in. (7.62 mm)]
based on the “design case” in Figure 7.8.

Recall that the ACI Code and Barda et al. methodology predicted wall strengths are 2,150 kips (9.56 MN)
and 3,170 kips (14.1 MN), respectively. These are shown in Figure 7.8. It can be seen that the ACI Code
predicted strength is about 83% of the yield load while the Barda et al. methodology predicted strength
results in a deflection equal to approximately 0.18 in. (4.57 mm) (2.3 times yield deflection).
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Crack patterns predicted in ANSYS for the design case are shown in Figure 7.9 for increasing load acting
on the wall. Inclined cracks begin at the lower left portion of the flange/wall interface and then proceed
around this interface. This is likely caused by the stiffness discontinuity between the flange and wall.
Diagonal tension cracks then proceed up from the lower left corer of the wall. The deformation of the
wall at the ultimate load capacity is shown in Figure 7.10.

Sensitivity Analyses

Several sensitivity studies were made to determine the importance of certain design and analysis
parameters used in this study. The first sensitivity evaluation was made to determine the effect of varying
the concrete tensile strength. Three different analyses were performed for the design case utilizing
concrete tensile strength equal to + 20% of design value, design value, and - 20% of design value. The
results of these analyses are shown in Figure 7.11. As expected, the tensile strength of the concrete has
little effect until cracking occurs and then there is about a 7% change in wall strength resulting from a £
20% change in concrete tensile strength.

A second evaluation was performed to investigate the sensitivity of the shear wall response to variation in
the shear transfer coefficient used as input for the ANSYS “SOLID65” element. Three different analyses
were performed for the design case using shear transfer coefficients for an open crack equal to - 25% of
the design value (75 X .5 = 0.375), design value (0.5), and + 25% of design value (1.25 X .5 = .625). The
results of these analyses are shown in Figure 7.12. The load-deflection curves demonstrate that there is no
effect of varying the shear transfer coefficient up to a drift ratio approximately three times the yield
deflection drift. Beyond this point, there is a maximum change of approximately 6% in wall strength from
a * 25% change in shear transfer coefficient. Based on these results and past experience, it was judged
that using a shear transfer coefficient of 0.5 for an open crack is reasonable for this study.

7.3 Fragility Analysis of Shear Wall

The fragility curve for the shear wall is developed by considering the parameters in Tables 5.1 and 5.2 as
random variables. Solutions are obtained for 19 sets of data representing a Latin Hypercube model of the
statistical variations in material properties as discussed in Section 5. For each of these 19 samples, an
ANSYS analysis is performed and a load—deflection curve is developed. The limit state (capacity) for
each of these sample runs is obtained as the load corresponding to a drift ratio equal to four times the
“design” yield drift ratio [a deflection of 0.3 in. (7.62 mm)].

Undegraded Shear Wall

The results of the 19 ANSYS solutions for the undegraded wall are summarized in Table 7.1 and indicate
a mean capacity of 3,655 kips (16.3 MN) with a coefficient of variation equal to 0.15. These data are
plotted on lognormal probability paper in Figure 7.13. This data plot is close to linear, indicating that the
assumed lognormal distribution is appropriate for this data. Some indication of the variation in load
deflection data for the 19 cases can be seen by the four sample cases (6, 13, 14, and 15) plotted in Figure
7.14. Case 6 represents a high concrete strength and a low steel strength while case 13 represents a low
concrete strength and a high steel strength. It can be seen that the concrete strength has a major effect on
the wall capacity. This conclusion may be different for walls with reinforcement ratios larger than the
0.003 for this wall.
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Degraded Shear Wall - Loss of Steel Cross-Sectional Area

The steel area in the wall (but not in the flanges) is degraded by 20%, with the steel area treated as a
random variable. The mean steel area is 80% of the undegraded area and the coefficient of variation in A,
is equal to 0.105. With this reduction in steel area, the mean wall capacity is found to be 3,634 kips (16.2
MN) with a coefficient of variation equal to 0.16. This degradation resulted in only a 1/2% reduction in
the mean and a slight increase in the coefficient of variation (from 0.149 to 0.158). This effect is small
because of the small effect that the steel has on the wall capacity for this wall configuration.

Degraded Shear Wall - Loss of Steel Cross-Sectional Area and Concrete Spalling

As the steel is corroded, the concrete outside of the reinforcement cage on both sides of the wall may
spall. It is assumed that the spall depth equals the cover, with the depth of cover treated as a random
variable [mean = 1.25 in. (31.8 mm) and coefficient of variation equal to 0.496 - Table 5.1]. The loss of
concrete cover was assumed to occur over the entire width and height of the wall. The mean wall capacity
was calculated to be 3,446 kips (15.3 MN) with a coefficient of variation equal to 0.15. This combined
degradation of 20% wall steel loss and spall of the concrete outside the reinforcement results in a 6%
reduction in the mean wall capacity.

Table 7.2 provides a summary of the ANSYS shear wall fragility analyses. Figure 7.15 shows the fragility
curves for an undegraded wall, a wall with 20% loss of reinforcement area, and a wall with 20% loss of
reinforcement in combination with spalling of the concrete outside of the reinforcement. These levels of
degradation have relatively small effects on the wall fragility. It can also be noted that the three fragility
curves are parallel so that the relative effects of degradation are approximately the same at any probability
of failure.

Results Considering Degradation in the Flanges

The fragility analyses described above do not consider any degradation in the flange walls. Additional
analyses were made to evaluate the effects of the loss of steel area in both the shear wall and flange walls.
Table 7.3 presents the results for the wall. Each case was performed using one computer run, with the
mean values for the random variables.

Comparing the results from Table 7.3 against the results from Table 7.2 demonstrates that the capacity of
the wall for the undegraded case using mean values for the random variables [3,860 kips (17.2 MN)] is
about 5.6% higher than the mean capacity using the 19 samples [3,655 kips (16.3 MN)]. Using the mean
values for the random variables shows that the 20% loss of steel area results in a slight reduction in wall
capacity from 3,860 kips (17.2 MN) to 3,840 kips (17.1 MN), a 1/2% reduction. This is the same
magnitude of reduction in wall capacity shown in Table 7.2 for loss of steel area only in the shear wall.
This occurs because the steel is a relatively small contributor to the wall total capacity for the steel ratio
of 0.003 being investigated.

Table 7.3 also indicates that the combination of 20% loss of steel area (for both the shear wall and flange
walls) with spalling of concrete (shear wall only) reduces the shear capacity from 3,860 kips (17.2 MN) to
3,700 kips (16.5 MN), a 4.1% reduction.

7.4 Generalization of Results

The above results apply to lightly reinforced walls (reinforcement ratio equals 0.003) with an aspect ratio
of 1:1. Walls of different aspect ratios and larger reinforcement ratios are considered in this section.
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Solutions are obtained based on the limit state defined by Egs. 7.3 and 7.4. This limit state is shown by
comparison with ANSY'S solutions to result in loads well into the plastic range with deflections equal to 2
to 3 times the yield deflections. Solutions are obtained with EXCEL spreadsheets so that a wider variation
of parameters can be studied than would be possible if ANSYS solutions were used. The width of the wall
is fixed at 20 ft (6.1 m) while the beight of the wall is varied to obtain the desired aspect ratio (0.5, 1, and
2 height to width aspect ratios are considered). In addition, two reinforcement ratios are considered: 0.003
and 0.012. This range of parameters covers most of the shear walls found in NPPs as described in the
ASCE (1994) Publication.

Spread sheets showing the results for each of the six cases are shown in Tables 7.4 through 7.9. The
fragility curves corresponding to the six cases are presented in Figures 7.16 through 7.21. A summary of
the results is shown in Table 7.10. The spread sheet table and figure numbers on which the evaluations are
made are also indicated in Table 7.10.

7.4.1 Results for Reinforcement Ratio = 0.003

It is interesting to compare these results with those obtained using the ANSYS code. The ANSYS code
predicted a mean capacity equal to 3,655 kips (16.3 MN) with a coefficient of variation equal to 0.15 for
the undegraded case of the shear wall considered (H/L = 1 and reinforcement ratio = 0.003). The Barda
analysis used here predicts a mean capacity equal to 3,751 kips (16.7 MN) with a coefficient of variation
equal to 0.18 (Table 7.10) for the same case. The ANSYS prediction for the case of 20% steel loss plus
spalling of the concrete is 3,446 kips (15.3 MN) with a coefficient of variation equal to 0.153. The Barda
prediction for this case is 3,244 kips (14.4 MN) with a coefficient of variation equal to 0.17. The
predicted mean capacity is reduced by 5.7% based on the ANSYS results and 13.5% based on the Barda
results. Different limit states are used for the two analyses so that exact comparisons are not to be
expected. The Barda model also does not consider bending moment failures while they are inherently part
of the ANSYS calculation. The results from the two analyses are similar, however, and the more
extensive results obtained with the Barda models are useful to anticipate what would be expected if
solutions for similar cases were found with ANSYS.

The effect of degradation for different aspect ratios is also presented in Table 7.10. Based on the Barda
methodology, the reductions in mean capacity when there is a 20% loss of steel area plus concrete

spalling is 13.1%, 13.5%, and 14.9% for H/L ratios equal to 0.5, 1, and 2 respectively. For comparison of
these results with ASNYS, additional computer runs were made using the mean values for the random
variables (concrete compressive strength, concrete tensile strength, steel yield strength, concrete initial
tangent modulus, area of steel, and loss of concrete cover). The results which are presented in Table 7.11
show that the reductions in mean capacity when there is a 20% loss of steel area plus concrete spalling are
3.9%, 4.2%, and 18.2% for the H/L ratios equal to 0.5, 1, and 1.5 respectively. The significantly larger
reduction in mean capacity at H/L equal to 1.5 is most likely because moment governs the capacity.

The reduction in mean capacity due to a 20% loss of steel area alone (no concrete spalling), is 16.9% for
an H/L ratio equal to 1.5 as compared to a reduction of 18.2% for degradation of steel area and concrete.
This indicates that the reduction in capacity is primarily due to steel degradation. Since the reduction in
mean capacity is substantially higher for H/L equal to 1.5 as compared to 0.5 or 1.0 suggests that
degradation due to loss of steel area is important for H/L ratios greater than 1.0, where moment seems to
govern the capacity rather than shear.

178



7.4.2 Results for Reinforcement Ratio = 0.012

As expected the Barda solutions for the higher reinforcement ratio of 0.012 (Tables 7.7 to 7.9) predict
larger effects of degradation when the reinforcement ratio is increased. As summarized in Table 7.10,
there is a 13.5% reduction in mean capacity from the undegraded wall (H/L=1) when the 20% steel loss
plus concrete spall is considered for the low reinforcement ratio, and a 16.8% reduction in mean capacity
for the wall with the larger reinforcement ratio. It can be noted that the reductions in mean capacity, when
there is a 20% loss of steel area plus concrete spalling, are 16.3%, 16.8%, and 18.2% for the H/L ratios
equal to 0.5, 1, and 2 respectively. The reduction in mean capacities due to the loss of steel area alone (no
concrete spalling) is 11%, 12%, and 15% for H/L ratios equal to 0.5, 1, and 2 respectively.

These results indicate that (1) most of the reductions are due to the effect of loss of steel area rather than

concrete spalling, (2) the reductions in mean capacity increase as the aspect ratio of the wall increases,
and (3) reductions in mean capacity increases as the steel reinforcement ratio increases.
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Figure 7.8 Shear Wall Design Case — Undegraded Load-Deflection Curve (Fwall 35)
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Figure 7.11 Shear Wall — Design Case — Undegraded
Variation on Ft — Tensile Strength; + & - 20%
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Figure 7.12 Shear Wall — Design Case — Undegraded
Variation on Bt — Coeff. Of Friction; + & - 25%
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Figure 7.14 Shear Wall ~ Sample Results — Undegraded

Variation on Sample Data
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Table 7.1

Statisical Analysis of Undegraded Wall

fy fic ft Ec Bsh Capacity
(ksi)  (ksi)  (ksi)  (ksi) ®

72 4113 0459 4190 096 3572
585 5764 0677 5123 087 3498
671 463 0533 3830 1 3800
862 3611 0526 3736 113 4182
763 4904 0493 4180 084 3260
635 5393 0628 5212 1.1 4532
68.2 44 042 4789  1.08 4040
794 5033 046 3825 0.9 3348
71 4212 0443 3906 102 3712
729 4307 0511 385 116 4408
692 3407 0415 3087 12 4032
751 5189 0424 4649 0.8 3232
818 3036 0273 2624 094 2764
777 4493 0538 4029 073 2890
649 3896 0448 2533 106 3392
739 4588 . 0483 3610 127 4638
66.1 401 0398 3014 092 3054
617 479 0508 3406 104 3828
70 3767 0387 3268 098 3266

Mean 7134 440 047 3834 1.00 3655
Std Dev  7.10 0.70 0.089 759 0.14 545
COV 0099 0159 0.188 0198 0.140 0.149

Note: 1 ksi = 6.89 MPa, 1 kip = 4.45 kN
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Table 7.2

Summary of ANSYS Shear Wall Fragility Analyses
(Using 19 Latin Hypercube Samples)

Case Wall Cagaci;y1 CoVv
kips / MN
Undegraded 3,655/16.3 0.149
20% Loss of Steel Area 3,634/16.2 0.158
20% Loss of Steel Area &
Concrete Spalling 3,446 /153 0.153

Note:
1. Based on limit state defined as 4 X “Design Case” yield deflection.

Table 7.3

Summary of ANSYS Shear Wall Fragility Analyses
(Using Mean Values for Random Variables)

Case Wall Capacity' CoVv
kips / MN
Undegraded 3,860/17.2 Note 3
20% Loss of Steel Area’ 3,840/ 17.1 Note 3
20% Loss of Steel Area’> &
Concrete Spalling® 3,700/ 16.5 Note 3

Notes:

1. Based on limit state defined as 4 X “Design Case” yield deflection.

2. Based on loss of steel area for shear wall and flanges

3. Since only one computer run is made using mean values for random variables, the COV is not
directly available. However, based on Table 7.2 results and other runs made, the COV is expected
to be very similar to those in Table 7.2

4. Concrete spalling in shear wall but not in flanges
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Table 7.4

Statistical Analysis of Shear Wall Using the Barda et. al. Methodology

Aspect Ratio = 0.5 Steel Ratio = .00304
CASE # Statistical Data . Undegraded Case 20% Loss of Steel _ 20% Loss of Steel & Cover |
ft fy] 20% loss| Loss of Bsh|  Concrete| Steel Totall Concrete] Steel{ Total]l  Concrete| Steel| Total
of Steel Cover Ve Vs V=(Vc+Vs)Bsh Ve Vs V=(Vc+Vs)Bsh Ve Vs V=(Vc+Vs)Bsh
psi ksi sqin in Ibs ibs ibs bbs ibs ibs ibs Ibs Ibs
1 459 72| 0.238 1.42 0.96| 3,271,450 1,008,599 4,108,847] 3,271,450 774,144 3,883,770| 2,884,328 774,144 3512133
2 677f 585| 0.249 1.81 0.87| 4,661,069 819,487 4,768,083| 4,661,069 658,063 4,627,645 3,958,024 658,063 4,015,996
3 533] 67.1 0.284 2.46 1.00] 3,743,155 939,958 4,683,113] 3,743,155 860,901 4,604,056] 2,975,808 860,901 3,836,709
4 526| 862 0217 1.33 1.13] 3,698,534 1,207,517 5,543,838 3,698,534 845,044 5,134,244] 3,288,614 845,044 4,671,033
5 493| 763 0270 1.25 0.84] 3,488,179 1,068,835 3,827,892} 3,488,179 930,680 3,711,842| 3,124,827 930,680 3,406,626
6 628/ 635 0.210 1.08 1.10| 4,348,723 889,528 5,762,077| 4,348,723 602,428 5,446,267| 3,957,338 602,428 5,015,743
7 420 682] 0.275 055 1.08| 3022848 955367 4,296,473| 3,022,848 847,285 4,179,743] 2,884,301 847,285 4,030,112
8 460] 794| 0223 0.37 090} 3,277,824 1,112,261 3,851,076] 3,277,824 799,904 3,669,955 3,176,758 799,904 3,578,995
9 443 71 0.264 1.70 1.02] 3,169,459 994,591 4,247,331| 3,169,459 846,788 4,096,572] 2,720,452 846,788 3,638,585
10 5111 729 023 0.80 1.16| 3,602918 1,021,207 5,363,985] 3,602,918 760,767 5,061,875 3,362,724 760,767 4,783,250
11 415] 692 0235 147 1.20] 2990976 969,376 4,752,422| 2,990,976 734,660 4,470,763| 2,699,356 734,660 4,120,819}
12 424] 754 0.253 0.69 0.80] 3,048,346 1,052,025 3,280,296] 3,048,346 858,366 3,125,370| 2,873,066 858,366 2,985,146
13 273 818 0227 0.04 0.94] 2085811 1,145881 3,037,790} 2,085,811 838,864 2,749,195| 2,078,858 838,864 2,742,659
14 538 777 0.256 1.95 0.73] 3,775,027 1,088,446 3,560,336| 3,775,027 898,614 3,411,758| 3,161,585 898,614 2,963,945
15 448 649 0.198 0.90 1.06] 3,201,331 909,140 4,357,099] 3,201,331 580,527 4,008769] 2,961,231 580,527 3,754,264
16 4831 739 0242 213 1.27] 3,424,435 1,035,215 5,663,756 3,424,435 807,927 5,375,100 2,816,598 807,927 4,603,147
17 398| 66.1 0.260 1.60 092] 2882611 925,950 3,503,876| 2,882,611 776,403 3,366,293| 2,498,263 776,403 3,012,693
18 508 617 0.245 1.00 1.04] 3,583,795 864,313 4,626,033| 3,583,795 682,910 4,437,374] 3,285,146 682910 4126,778
19 387 70 0.299 1.50 0.98| 2812493 980,582 3,717,214| 2,812,493 945 544 3,682,876 2,460,931 945,544 3,338,345
Mean 4749| 71.34 0.246 1.250 1.000f 3,373,105 999,383 4,370,607| 3,373,105 792,096 4,160,182 3,008,853 792,096 3,796,683
Std. Dev.] 89.09] 7.096|] 0.026 0.620 0.140 567,876 99,401 810,160 567,876 102,749 763,972 461,874 102,749 657,754
cov 0.188} 0.099] 0.105 0.496 0.140 0.168 0.099 0.185 0.168 0.130 0.184 0.154 0.130 0173

Note: 1 psi = 6.89 kPa, 1 ksi = 6.89 MPa, 1 sq in = 6.45 cm? 1 in. =25.4 mm, 1Ib = 4.45 kN

203




Table 7.5

Statistical Analysis of Shear Wall Using the Barda et. al. Methodology

Aspect Ratio = 1.0 Steel Ratio = .00304

CASE # Statistical Data Undegraded Case 20% Loss of Steel 20% Loss of Steel & Cover
ft fy[20% loss| Loss of Bsh| Concrete] Steel] Total]  Concrete] Steel|. Total] Concrete} Steel] Total
of Steel Cover Ve Vs V=(Vc+Vs)Bsh Ve Vs V=(Vc+Vs)Bsh Ve Vs V=(Ve+Vs)Bsh
psi ksi sq in in Ibs Ibs ibs ibs lbs ibs Ibs lbs Ibs
1 459 72| 0.238 1.42 0.96] 2,672,179 1,008,599 3,533,547] 2672179 774,144 3,308,470| 2,355,971 774,144 3,004,911
2 677 58.5| 0.249 1.81 0.87| 3,777,178 819,487 3,999,098 3,777,478 658,063 3,858,659| 3,207,453 658,063 3,362,999
3 533 671 0.284 2.46 1.00| 3,047,270 939,958 3,987,229| 3,047,270 860,901 3,908,171 2,422,580 860,901 3,283,481
4 526 86.2 0.217 1.33 1.13] 3,011,789 1,207,517 4,767,816] 3,011,789 845044 4,358,221| 2,677,982 845,044 3,981,020
5 493 76.3 0.270 126 0.84] 2,844518 1,068,835 3,287,217] 2,844,518 930,680 3,171,167| 2,548,214 930,680 2,922,272
6 628 635 0210 1.08 1.10} 3,528,806 889,528 . 4,860,168| 3,528,806 602,428 4,544,358| 3,211,214 602,428 4,195,006
7 420 682 0275 0.56 1.08] 2,474,496 955,367 3,704,252| 2,474,496 847,285 3,687,523| 2,361,082 847,285 3,465,036
8 460 79.4 0.223 0.37 0.90| 2,677,248 1,112,261 3,410,568| 2,677,248 799,904 3,120,436| 2,504,700 799,904 3,055,143
9 443 71 0.264 1.70 1.02] 2,591,078 994,591 3,657,383] 2,501,078 846,788 3,506,623] 2,224,009 846,788 3,132,213
10 511 729 0.231 0.80 1.16| 2,935,757 1,021,207 4,590,077 2,935,757 760,767 4,287,968| 2,740,040 760,767 4,060,936
11 415 69.2 0.235 1.17 1.20] 2,449,152 969,376 4,102,233| 2,449,152 734,660 3,820,574| 2,210,360 734,660 3,534,023
12 424 75.1] 0.253 0.69 0.80] 2,494,771 1,052,025 2,837,437| 2,494,771 858,366 2,682,510 2,351,322 858,366 2,567,751
13 273 81.8| 0227 0.04}" 0.94| 1,720,382 1,145,881 2,702,747{ 1,720,382 838,864 2,414,151] 1,723,618 838,864 2,408,733
14 538 7771 0256 1.95 0.73| 3,072,614 1,088,446 3,037,574 3,072614 898,614 2,898,997| 2,573,315 898,614 2,534,508
16 448 64.9 0.198 0.90 1.068] 2,616,422 909,140 3,737,096 2616422 580,527 3,388,766| 2,420,191 680,527 3,180,760
16 483 739] 0242 213 1.27] 2,793,830 1,035,215 4,862,887| 2793830 807,927 4,574,232| 2,297,926 807,927 3,944,433
17 398 66.1] 0.260 1.60 0.92] 2,362,982 925,950 3,025,818] 2362982 776,403 2,888,234| 2,047,918 776,403 2,598,375
18 508 61.7] 0.245 1.00 1.04] 2,920,550 864,313 3,936,258] 2,920,550 682,910 3,747,509| 2677171 682910 3,494,485
19 387 70 0.2¢9 1.50 0.98| 2,307,226 980,582 3,222052| 2,307,226 945,544 3,187,714] 2,018822 945544 2,905,079
Mean 474.9 71.34] 0.246 1.250 1.000| 2,753,013 999,383 3,750,603 2,753,013 792,096 3,540,178| 2,455,994 792,096 3,243,745
Std. Devf 89.09 7.096 0.026 0.620 0.140| 451,564 99,401 671,526 451,564 102,749 624,201 366,740 102,749 538,513
cov 0.188 0.099] 0.105| 0496 0.140 0.164 0.099 0.179 0.164 0.130 0.176 0.149 0.130 0.166

Note: 1 psi = 6.89 kPa, 1 ksi = 6.89 MPa, 1 sqin=6.45cm® 1in. =25.4 mm, 1 1b =4.45 kN
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Tabhle 7.6

Statistical Analysis of Shear Wall Using the Barda et. al. Methodology

Aspect Ratio = 2.0 Steel Ratio = .00304

CASE # Statistical Data Undegraded Case _ 20% Loss of Steel 20% Loss of Steel & Cover
ft fy{ 20% loss| Loss of Bsh Concrete| Stesl| Total]| Concrete| Steel| Total| Concrete| Steel| Total
of Steel Cover Ve Vs V=(Vc+Vs)Bsh Ve Vs V=(Vc+Vs)Bsh Ve Vs V=(Ve+Vs)Bsh
psi ksi sqin in Ibs Ibs Ibs lbs Ibs Ibs Ibs Ibs Ibs
1 459 72| 0.238 1.42 0.96| 1,473,638 1,008,599 2,382,948]| 1,473,638 774,144 2,157,871 1,290,258 774,144 1,990,466
2 677 58.5 0.249 1.81 0.87] 2,009,395 819,487 2,461,127] 2,009,385 658,063 2,320,689] 1,706,311 658,063 2,057,006
3 533 67.1 0.284 2.46 1.00 1,655,501 939,958 2,595,459] 1,655,501 860,901 2,516,402| 1,316,123 860,201 2,177,024
.4 526 86.2] 0.217 1.33 1.13| 1,638,208 1,207,517 3,215,771 1,638,208 845,044 2,806,176| 1,456,720 845,044 2,600,993
5 493 76.3 0.270 1.25 0.84| 1,557,197 1,068,835 2,205,867 1,557,197 930,680 2,089,817 1,394,989 930,680 1,953,562
6 628 63.5 0.210 1.08 1.10] 1,888,973 889,528 3,056,351| 1,888,973 602,428 2,740,541 1,718,965 602,428 2,553,533
7 420 68.2] 0275 0.55 1.08] 1,377,792 955,367 2,519,812| 1,377,792 847,285 2,403,083 1,314,643 847,285 2,334,882
8 460 79.4 0.223 0.37 0.90] 1,476,006 1,112,261 2,329,521 1,476,096 799,904 2,048,400{ 1,430,583 799,904 2,007,438
9 443 71 0.264 1.70 1.02] 1,434,317 994,591 2,477,486] 1,434,317 846,788 2,326,727 1,231,122 846,788 2,119,468
10 511 729| 0.231 0.80 1.16] 1,601,434 1,021,207 3,042,263| 1,601,434 760,767 2,740,153| 1,494,671 - 760,767 2,616,309
11 415 69.2| 0.235 117 1.20] 1,365,504 969,376 2,801,856| 1,365,504 734,660 2,520,197 1,232,367 734,660 2,3680,433)
12 424 761 0.253 0.69 0.80] 1,387,622 1,052,025 1,951,718] 1,387,622 858,366 1,796,791| 1,307,834 858,366 1,732,960
13 273 81.8) 0.227 0.04 0.94| 1,016,525 1,145,881 2,032,661 1,016,525 838,864 1,744,065| 1,013,136 838,864 1,740,880
14 538 77.7 0.256 1.95 0.73] 1,667,789 1,088,446 2,012,052 1,667,789 898,614 1,873,474] 1,396,773 898,614 1,675,633
16 448 64.9 0.198 0.0 1.06 1,446,605 909,140 2,497,089] 1,446,605 580,527 2,148,759] 1,338,108 580,527 2,033,754
16 483 739] 0.242 213 1.27| 1,532,621 1,035215 3,261,151| 1,632,621 807,927 2,972,496] 1,260,581 807,927 2,627,005
17 398 66.1 0.260 1.60 0.92] 1,323,725 925,950 2,069,701} 1,323,725 776,403 1,932,117} 1,147,228 776,403 1,769,741
18 508 61.7 0.245 1.00 1.04] 1,594,061 864,313 2,556,709} 1,594,061 682,910 2,368,050 1,461,222 682,910 2,229,898
19 387 70 0.299 1.50 0.98 1,296,691 980,582 2,231,728| 1,206,601 945544 2,197,390 1,134,605 945544 2,038,545
Mean 4749 7134 0.246 1.250] 1.000f 1,512,831 999,383 2,510,593} 1,512,831 792,096 2,300,168| 1,350,276 792,096 2,137,870
Std. Dev. 89.09| 7.096 0.026 0.620] 0.140 218,940 99,401 404,317] 218,940 102,749 353,445 176,750 102,749 309,551
cov 0.188] 0.099 0.105 0.496] 0.140 0.145 0.029 0.161 0.145 0.130 0.154 0.131 0.130 0.145

Note: 1 psi = 6.89 kPa, 1 ksi = 6.89 MPa, 1 sq in=.6.45 cm®, 1 in. =25.4 mm, 1 1b = 4.45 kN
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Statistical Analysis of Shear Wall Using the Barda et. al. Methodology

Table 7.7

Aspect Ratio = 0.5 Steel Ratio = ,012

CASE # Statistical Data Undegraded Case 20% Loss of Steel _ 20% Loss of Steel & Cover
ft fy| 20% loss| Loss of Bsh]  Concrete| Steel| Total| Concrete] Steell Totall  Concrete| Steel| Total
of Steel Cover Ve Vs V=(\/c+Vs)Bsh Ve Vs V=(Ve+Vs)Bsh Ve Vs V=(\Vc+Vs)Bsh
psi ksi sqin in lbs bs Ibs Ibs lbs Ibs lbs Ibs Ibs
1 459 72 0.939 1.42 0.96] 3,271,450 3,981,312 6,962,651| 3,271,450 3,055,832 6,074,190| 2,884,328 3,055,832 5,702,553
2 677 585 0.983 1.81 0.87] 4,661,069 3,234,816 6,869,420| 4,661,069 2,597,617 6,315,057] 3,958,024 2,597,617 5,703,408
3 533 67.1 1121 2.46 1.00] 3,743155 3,710,362 7,453,517] 3,743,155 3,398,293 7,141,448} 2,975,808 3,398,293 6,374,101
4 526 862 0857 1.33 1.13| 3,698,534 4,766,515 9,665,506/ 3,698,534 3,335,700 7,948,685 3,288,614 3,335,700 7,485,474
5 493] 763 1.066 1.256 0.84] 3488179 4,219,085 6,474,102} 3,488,179 3,673,739 6,016,011 3,124,827 3,673,739 5,710,795
6 628 635 0.829 1.08 1.10] 4,348,723 3,511,296 8,646,021| 4,348,723 2,378,006 7,399,402f 3,957,338 2,378,006 6,968,879
7 420 682 1.086 0.556 1.08] 3,022,848 23,771,187 7,337,558| 3,022,848 3,344,545 6,876,784 2,884,301 3,344,545 6,727,163
8 460] 794 0.880 0.37 090} 3,277,824 4,390,502 6,901,494| 3,277,824 3,157,514 5,791,804 3,176,758 3,157,514 5,700,845
9 443 71 1.042 1.70 1.02] 3,169459 3,926,016 7,237,385| 3,169,459 3,342,583 6,642,283; 2,720,452 3,342,583 6,184,296
10 5111 729 0912 0.80 1.16] 3,602,918 4,031,078 8,865,436| 3,602,918 3,003,029 7,662,899 3,362,724 3,003,029 7,384,273
1 415 69.2 0.928 1.17 1.20f 2,690,976 3,826,483 8,180,951| 2,990,976 2,899,973 7,069,139 2,699,356 2,899,973 6,719,194
12 424 7541 0.999 0.69 0.80| 3,048,346 4,152,730 5,760,860] 3,048,346 3,388,289 5,149,308] 2,873,066 3,388,289 5,000,084
13 273] 81.8] 0896 0.04 094} 2085811 4523213 6,212,483} 2,085,811 3,311,305 5,073,289 2,078,858 3,311,305 5,066,753
14 538 77.71 1.0 1.95 0.73] 3,775,027 429649 5,892,214} 3,775,027 3,547,161 5,345,198] 3,161,585 3,547,161 4,897,385
15 448] 649 0782 0.90 1.06] 3,201,331 3,588,710 7,197 444} 3,201,331 2,291,553 5,822,457 2,961,231 2,291,553 5,667,951
16 483 739 0955 213 1.27] 3,424,435 4,086,374 9,538,728 3,424,435 3,189,185 8,399,208] 2,816,598 3,189,185 7,627,345
17 398] 66.1 1.026 1.60 092 2882611 3,655,066 6,014,663] 2,882,611 3,064,748 5,471,570} 2,498,263 3,064,748 5,117,970
18 508| 61.7{ 0967 1.00 1.04] 3,583,795 3,411,763 7,275,381} 3,683,795 2,695,698 6,530,673] 3,285,146 2,695,698 6,220,077
19 387 76] 1.180 1.50 098 2,812,493 3,870,720 6,549,549} 2,812,493 3,732,409 6,414003] 2,460,931 3,732,409 6,069,473
Mean 4749| 71.34] 0971 1.250 1.000] 3,373105 3,944,933 7,311,861] 3,373,105 3,126,694 6,481,2371 3,008,853 3,126,694 6,117,737
Std. Dev.| 89.09] 7.096] 0.102 0.620 0.140 567,876 392,374 1,156,573 567,876 405,590 955,336 461,874 405,590 853,179
cov 0.188| 0.098f 0.105 0.496 0.140 0.168 0.099 0.158 0.168 0.130 0.147 0.154 0.130 0.138

Note: 1 psi = 6.89 kPa, 1 ksi = 6.89 MPa, 1 sq in = 6.45 cm? 1in. =25.4 mm, 11b=445kN
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Table 7.8

Statistical Analysis of Shear Wall Using the Barda et. al. Methodology

Aspect Ratio = 1.0

Steel Ratio = .012

CASE # Statistical Data Undegraded Case 20% Loss of Stee! 20% Loss of Steel & Cover
ft fy|20% loss] Loss of] Bsh| Concrete| Steel| Total]  Concrete] Steel| Totall  Concrete| Steel| Total
of Steel Cover Ve Vs V=(Vc+Vs)Bsh Ve Vs V=(Vc+Vs)Bsh Ve Vs V=(Vc+Vs)Bsh
psi ksi sqin in lbs bs lbs Ibs lbs lbs Ibs Ibs Ibs)
1 459 721 0939 1.42 0.96| 2,672,179 3,981,312 6,387,352] 2,672,179 3,055,832 5,498,800| 2,355,971 3,055,832 5,195,331
2 677 585 0983 1.81 0.87| 3,777,178 3,234816 6,100,434| 3,777,178 2,597,617 5,546,072 3,207,453 2,597,617 5,050,411
3 533 67.1 1.121 2.46 1.00| 3,047,270 3,710,362 6,757,632 3,047,270 3,398,293 6,445,563 2,422,580 3,398,293 5,820,873
4 526 86.2| 0.857 1.33 1.13] 3,011,789 4,766,515 8,789,484 3,011,789 3,335,700 7,172,662| 2,677,982 3,335,700 6,795,461
5 493 76.3| 1.086 1.25 0.84] 2,844518 4,219,085 5,933,427 2,844,518 3,673,739 5,475,336| 2,548,214 3,673,739 5,226,441
6 628 635 0.829 1.08 1.10] 3,528,806 3,511,296 7.744,113| 3,528,806 2,378,006 6,497 494] 3,211,214 2,378,006 6,148,142
7 420 68.2 1.086 0.55 1.08] 2,474,496 3,771,187 6,745338| 2,474,496 3,344,545 6,284,564| 2,361,082 3,344,545 6,162,077
8 460 79.4 0.880 0.37 0.90| 2,677,248 4,390,502 6,360,975] 2,677,248 3,157,514 5,251,286| 2,594,700 3,157,514 5,176,992
9 443 71 1.042 1.70 1.02] 2,591,078 3,926,016 6,647,436] 2,591,078 3,342,583 6,052,335] 2,224,009 3,342,583 5,677,924
10 511 729 0912 0.80 1.16] 2,935,757 4,031,078 8,081,529 2,935,757 3,003,029 6,888,9911 2,740,040 3,003,029 6,661,959
11 415 69.2| 0928 1.17 1.20] 2,449,152 3,826,483 7,530,762 2,449,152 2,899,973 6,418,950 2,210,360 2,899,973 6,132,399|
12 424 751 0.999 0.69 0.80| 2,494,771 4,152,730 5,318,001f 2,494,771 3,388,289 4,706,448] 2,351,322 3,388,289 4,591,689
13 273 81.8] 0.896 0.04 0.94] 1,720,382 4,523,213 5,877,439 1,729,382 3,311,305 4,738,246 1,723,618 3,311,305 4,732,827
14 638 7.7 1.011 1.95 0.73] 3,072,614 4,296,499 5,379,453| 3,072,614 3,547,161 4,832,436] 2,573,315 3,547,161 4,467,947
15 448 64.9 0.782 0.90 1.06] 2,616,422 3,588,710 6,677,441 2,616,422 2,291,553 5,202,464] 2,420,191 2,291,553 4,994,448
16 483 738 0955 213 1.27{ 2,793,830 4,086,374 8,737,860 2,793,830 3,189,185 7.598,430| 2,297,926 3,189,185 6,968,631
17 398 66.1 1.026 1.60 0.92] 2,362,982 3,655,066 5,536,604] 2,362,982 3,064,748 4,993,612 2,047,918 3,064,748 4,703,653
18 508! © 61.7] 0.967 1.00 1.04] 2,920,550 3,411,763 6,585,606| 2,920,550 2,695,698 5,840,808] 2,677,171 2,695,698 5,587,784
19 387 70 1.180 1.50 0.98] 2,307,226 3,870,720 6,054,387 2,307,226 3,732,409 5,918,842| 2,018,822 3,732,409 5,636,206
Mean 474.9 71.34] 0971 1.250 1.000] 2,753,013 3,944,933 6,691,856] 2,753,013 3,126,694 5,861,232] 2,455,994 3,126,694 5,564,800
Std. Dev| 89.09 7.006] 0.102] 0620 0.140] 451,564 392,374 1,040,919 451,564 405,590 838,726] 366,740 405,590 758,921
cov 0.188 0.099] 0.105 0.496 0.140 0.164 0.099 0.156 0.164 0.130 0.143 0.149 0.130 0.136

Note: 1 psi = 6.89 kPa, 1 ksi = 6.89 MPa, 1 sq in=6.45 cm?, 1 in. = 25.4 mm, 1 Ib=445 kN
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Table 7.9

Statistical Analysis of Shear Wall Using the Barda et. al. Methodology

Aspect Ratio= 2.0 Steel Ratio = .012

CASE # Statistical Data Undegraded Case 20% Loss of Steel 20% Loss of Steel & Cover
ft ty| 20% loss| Loss of Bsh Concrete| Steel| Total] Concrete| Steel] Total] Concrete| Steel| Total
of Steel Cover! 3 Vs V=(Vc+Vs)*Bsh Ve Vs V=(Vc+Vs)*Bsh Ve Vs V=(Vc+Vs)*Bsh
psi ksi sqin in Ibs Ibs Ibs Ibs Ibs lbs Ibs Ibs Ibs
1 459 72 0.939 1.42 096 1,473,638 3,981,312 5,236,752| 1,473,638 3,055,832 4,348,291] 1,299,258 3,055,832 4,180,886
2 677 585 0.983 1.81 0.87] 2,000,395 3,234,816 4,562,464| 2,009,395 2,597,617 4,008,101] 1,706,311 2,597,617 3,744,418
3 533 67.1 1121 2.46 1.00| 1,655,501 3,710,362 5,365,862] 1,655,501 3,398,293 5,053,794 1,316,123 3,398,293 4,714,416
4 526 86.2|° 0.857 1.33 1.13| 1,638,298 4,766,515 7,237,438| 1,638,298 3,335,700 5,620,617} 1,456,720 3,335,700 5,415,434
5 493 76.3 1.066 1.25 0.84] 1,557,197 4,219,085 4,852,077| 1,557,197 3,673,739 4,393,986] 1,394,089 3,673,739 4,257,731
6 628 63.5 0.829 1.08 1.10 1,888,973 3,511,206 5,940,296] 1,888,973 2,378,006 4,693,677| 1,718,965 2,378,006 4,506,669
7 420 68.2 1.086 0.55 1.08 1,377,792 3,771,187 5,660,898} 1,377,792 3,344,545 5,100,124| 1,314,643 3,344,545 5,031,923
8 460 79.4 0.880 0.37 0.90] 1,476,096 4,390,502 5,279,939} 1,476,096 3,157,514 4,170,249 1,430,583 3,157,514 4,129,288
9 443 71 1.042 1.70 1.02] 1,434,317 3,926,016 5,467,539] 1,434,317 3,342,583 4,872,438] 1,231,122 3,342,583 4,665,179
10 511 729 0912 0.80 1.16] 1,601,434 4,031,078 6,533,714| 1,601,434 3,003,029 5,341,176} 1,494,671 3,003,029 5,217,332
1 415 69.2] 0.928 1.17 1.20|] 1,365,504 3,826,483 6,230,385| 1,365,504 2,899,973 5,118,572] 1,232,367 2,899,973 4,958,808
12 424 75.1 0.999 0.69 0.80 1,387,622 4,152,730 4,432,282| 1,387,622 3,388,289 3,820,729| 1,307,834 3,388,289 3,756,898
13 273 81.8| 0.896 0.04 0.94] 1,016,625 4,523,213 5,207,353] 1,016,525 3,311,305 4,068,160] 1,013,136 3,311,305 4,064,974
14 538 7.7 1.011 1.95 0.73} 1,667,789 4,296,499 4,353,930( 1,667,789 3,547,161 3,806,914| 1,396,773 3,547,161 3,609,072
15 448 649 0782 0.90 1.06] 1,446,605 3,588,710 5,337,434| 1,446,605 2,291,553 3,962,447| 1,338,109 2,291,553 3,847,442
16 483 73.9 0.955 213 1.27 1,632,621 4,086,374 7,136,124} 1,632,621 3,189,185 5,996,694} 1,260,581 3,189,185 5,651,203
17 398 66.1 1.026 1.60 0.92 1,323,725 3,655,066 4,580,487} 1,323,725 3,064,748 4,037,395 1,147,228 3,064,748 3,875,018
18 508 61.7 0.967 1.00 1.04 1,594,061 3,411,763 5,206,057| 1,594,061 2,695,698 4,461,349} 1,461,222 2,695,698 4,323,197
19 387 70 1.180 1.50 0.98 1,206,691 3,870,720 5,064,063] 1,296,691 3,732,409 4,928,618| 1,134,605 3,732,409 4,769,673
Mean 4749 71.34 0.971 1.250f 1.000] 1,512,831 3,944,933 5,451,847} 1,512,831 3,126,694 4,621,223| 1,350,276 3,126,694 4,458,924
Std. Dev. 89.09 7.096 0.102 0.620f 0.140 218,940 392,374 835,803] 218,940 405,590 639,064| 176,750 405,590 602,634
cov 0.188 0.089 0.105 0.496] 0.140 0.145 0.099 0.153 0.145 0.130 0.138 0.131 0.130 0.135

Note: 1 psi = 6.89 kPa, 1 ksi = 6.89 MPa, 1 sqin = 6.45 cm’, 1 in. =25.4 mm, 1 1b =4.45 kN
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Table 7.10

Summary of Shear Wall Fragility Based on Barda Methodology

Reinf. Height/ Undegraded 20% Steel Loss  20% StiLoss + Spall  Spread  Fragility
Ratio Width Mean cov Mean cov Mean Ccov Sheet Curve
(3] k) 9]

0.003 0.5 4,371 0.185 4,160 0.184 3,797 0.173 Table7.4 Fig 7.16
1 3,751 0.17% 3,540 0.176 3,244 0.166 Table7.5 Fig 7.17
2 2,511 0.161 2,300 0.154 2,138 0.145 Table7.6 Fig. 7.18

0.012 0.5 7312 0.158 6,481 0.147 6118 0.139 Table7.7 Fig 7.19
1 6,692 0.156 5,861 0.143 5,565 0.136 Table7.8 Fig. 7.20
2 5,452 0.153 4,621 0.138 4,459 0.135 Table79 Fig 7.21

Note: 1 kip = 4.45 kN
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Table 7.11

Summary of ANSYS Shear Wall Capacities
Effect of Degradation for Varying Aspect Ratios

Height(ft)/ Aspect Ratio Undegraded 20% Loss of 20% Loss of Steel
Length(ft) Steel Area Area & Spalling
kips kips kips
20/40 0.5 7,760 7,760 7,460
2020 1.0 3,860 3,840 3,700
20/15 1.5 3,840 3,190 3,140

Note: 1£ft=0.3048 m; 1 kip = 0.004448 MN

Based on:
Mean Values of Random Variables

Capacity From Load - Deflection Curves Using 4 X Design Yield Deflection = 0.3 in. (7.62 mm)
Loss of steel area applicable to shear wall and flange walls
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8 PERSPECTIVES ON THE ROLE OF STRUCTURAL DEGRADATION ON PLANT
SEISMIC RISK AND RESULTING ACCEPTANCE LIMITS

Previous sections of the report have considered the effect of structural degradation on the fragility of
individual reinforced concrete members. The effect of these degradations on overall plant risk is
considered first in this section. Acceptance limits are then developed so that the increase in plant risk is
maintained within tolerable limits. The extent to which the results obtained for seismic loads may be
extrapolated to wind loads is described. Finally, the effects of degradation on the structural response of
buildings and in-structure response spectra are discussed.

8.1 Plant Risk

In the previous sections of this report, methods for assessing the fragility of degraded and undegraded
reinforced concrete structures in NPPs have been presented, and the databases available to support this
assessment have been summarized. The evaluation of the impact of structural aging on plant risk must
consider a number of factors. First and foremost is the requirement to ensure that aging has not affected
the ability of the plant to respond to challenges at or beyond the design envelope and to maintain public
safety and health. Beyond this fundamental requirement, however, there are substantial economic and
social issues. The utility must be able to meet the regulatory objectives for safe plant operation practically
and economically; otherwise the only alternative is to decommission the plant. Nuclear plants are
responsible for over 20% of the power currently generated in the United States, and for some utilities the
percentage is much higher. The costs and other impacts of decommissioning and power replacement to
meet continuing consumer demand may cause economic dislocations in parts of the US if this alternative
is widely adopted. Thus, the results of a fragility assessment must be interpreted carefully if used for
regulatory purposes. In this section, we identify and discuss some of the key issues related to the use of
fragility assessment in risk-informed decision-making.

One question that naturally arises is how the structural deterioration measured by the fragilities in
Sections 6 and 7 might impact overall plant risk. The beams and shear walls analyzed in those sections
are typical of reinforced concrete structures that might be found in nuclear plants, but were not taken from
any one specific plant. To assess the impact on plant risk, then, a specific NPP must be considered.

8.1.1 Impact of Aging on Risk of Zion Unit No. 1

The impact of structural deterioration on fragility and on plant risk (measured by core damage frequency)
was assessed for the Zion Plant Unit No. 1 in a previous study (Ellingwood and Song, 1996). This plant
was selected because it had been widely reviewed in previous independent risk studies, its plant logic was
easily understandable, and the Boolean expressions describing core damage and dominant plant damage
state depended on a mix of structural, mechanical and electrical components. Zion Unit No.1 is a PWR
with a large dry prestressed concrete containment. Its design-basis earthquake was 0.17g. The Boolean for
core damage (CD) is:

CD = 4+8+10+14+17+21+9*(12+22+26) (3.1

in which the numbers refer to specific components, the failure of which contribute to core damage, and
symbols + and * denote union and intersection, respectively (Zion, 1981). Of these, components 8, 14 and
26 are reinforced concrete structures:

8: Auxiliary building shear wall
14: Pump enclosure cribhouse roof
26: Pressurizer enclosure roof
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The fragility parameters for these components are available elsewhere (Zion, 1981; Ellingwood and Song,
1996). Using these component fragilities, a system-level fragility for CD can be determined from Eq. 8.1:

Fragility = P[CDJA = a] (8.2)

in which A = effective peak ground acceleration, measured with respect to gravity, g. It might be noted in
Eq. 8.1 that the auxiliary building (8) and pump enclosure roof (14) appear in CD as singleton cutsets,
while the pressurizer enclosure roof appears in a doubleton (9*26). Because of this, the impact of failure
of the pressurizer enclosure roof on CD frequency is likely to be negligible in comparison with the impact
of failure of either the auxiliary building shear wall or pump enclosure roof. The mean core damage limit
state probability in Eq. 5.1, reproduced here in a slightly different form for convenience, is

P[CD] = [ Fa(x) dH(x) 83)

in which Fg(x) is fragility and H(x) is the seismic hazard, defined as the annual probability that
earthquake intensities of level x are exceeded.

The changes in fragility or mean core damage probability brought about by postulated structural
deterioration are measured with respect to similar risk baselines for the plant in the undegraded condition.
These benchmarks have been determined for Zion Unit No. 1 in previously published research
(Ellingwood and Song, 1996; Ellingwood, 1998). The mean core damage probability can be estimated
from Egs. 5.5 and 8.1 — 8.3, using the “combm " uncertainty, Bc, for each component fragility. Using
this approach, the mean of P[CD} is 9.5 x 10%. Similarly, the HCLPF, estimated as the 1.5-percentile of
Eq. 5.5, is 0.24g. These metrics, then, serve as the baselines against which the impact of structural
degradation can be assessed.

To illustrate the impact of structural deterioration on probability of core damage and seismic safety
margin, we consider three severe cases. First, if the median capacity of the auxiliary building shear wall
decreases 10% and the logarithmic standard deviations By and By increase by 10%, the HCLPF for CD
decreases from 0.24g to 0.22¢g (approximately 8%) and the mean core damage probability increases
approximately 16% to 1.1 x 10°. The HCLPF for CD can be obtained from Eq. 8.2 as the 95% lower
confidence limit of the 5 percentile or, equivalently, the 1.5 percentile of Eq. 5.5. Second, if the
reinforcement in the pump enclosure roof slab becomes completely ineffective due to corrosion (i.e., no
longer contributes to resisting shear of the pump enclosure) and the median capacity is reduced by
approximately 35%, the HCLPF for CD decreases to 0.18g (approximately 25%) and P[CD] increases by
approximately 79% to 1.7 x 10°. Finally, if both shear wall and roof slab degrade the amounts indicated,
the HCLPF for CD decreases to 0.17g (approximately 29%) and P{CD] increases by a factor of
approximately 2 to 1.9 x 10°. Aging of the pressurizer enclosure roof slab was found to have a negligible
impact on both HCLPF and P[CD], as expected.

This analysis, documented in more detail elsewhere (Ellingwood and Song, 1996), shows that aging of
structural components that appear as singleton cutsets has a minimal impact on core damage probability
due to seismic events (less than a factor of 2). Since core damage probabilities of BWR and PWR plants
considered in the IPE and IPEEE programs varied by over an order of magnitude, the impact of aging on
core damage frequency for Zion Unit No. 1 appears relatively inconsequential in this context for decision
analysis purposes. There is a more noticeable impact on the plant-level HCLPF (on the order of 20%).

It should be noted that the postulated deterioration due to corrosion and concrete spalling in the reinforced
concrete beams and shear walls modeled in Sections 6 and 7 led to changes in their median capacities,
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mg, that were substantially less than in the severe cases considered above for Zion Unit 1 for illustrative
purposes. The maximum decrease in mean flexural strength (Table 6.2) was 18%; with deterioration to
20% loss of steel, it was 16%. Similarly, the maximum decrease in mean shear capacity (Table 7.2) was
6%. Moreover, the logarithmic standard deviation, B¢, remained essentially unchanged in many cases.
Accordingly, the impact on HCLPF capacity of structural deterioration that might be of concemn from a
- periodic inspection almost certainly would be less than that described in the preceding paragraph.

8.1.2 Inferences on Risk Due to Structural Aging at Other Plants

The conclusions and inferences above are based on the analysis of Zion Unit No. 1. The plant logic
(represented for Zion No. 1 by Eq. 8.1) differs from plant to plant. However, one might expect to arrive at
similar conclusions for other plants if key reinforced concrete structural components (designed by ACI
Standards 318 and 349 and SRP 3.8.4) appear in the plant logic Booleans as singleton cutsets (cf Eq. 8.1).
A review of plant logic for several other plants indicates that this frequently is the case. If the structural
component subject to aging appears in the plant logic model as a singleton cutset (cf Eq. 8.1), then a
nominal change in its fragility by p-percent generally impacts the safety margin, measured by the plant-
level core damage probability or HCLPF capacity by less than p-percent. The only exception to this is if
the structural component of concern happens to be the weakest component in the plant logic. Seldom is
this the case.

Additional perspective on the role of structural degradation and the relative importance of fragility
parameters mg and B¢ on seismic risk of NPPs in general can be obtained from an analysis of terms in Eq.
8.3. Over the range of significance to structural safety, the seismic hazard curve can be described, to first
approximation, by,

InHx) = A-kInx (8.4)

in which slope k of H(x) plotted on log-log paper is related to the COV in annual extreme ground motion
(acceleration). With the fragility described by the lognormal distribution in Eq. 5.5, the
limit state probability becomes, approximately,

P[LS] = H(mg) exp[(kBc)*/2] (8.5)

In other words, the limit state probability equals the seismic hazard evaluated at the median capacity,
H(mg), multiplied by a correction factor. In the Eastern US, the hazard curve is very flat (COV in annual
extreme in excess of 100%) and slope k is on the order of 2. Moreover, for most reinforced concrete
structures, Bc ranges from about 0.15 to 0.30. Accordingly, this correction factor in Eq. 8.5 usually will be
between 1.05 and 1.20 at NPP sites in the Eastern US. This suggests that the logarithmic standard
deviation, Bc, has only a marginal impact on seismic risk. One might then assess the impact of structural
degradation on plant risk simply by comparing the seismic hazards evaluated at the undegraded and
degraded median capacities.

Changes in the failure probability associated with a structural component, P[LS] (or in P[CD] if Fz(x) in
Eq. 8.3 is associated with the plant-level fragility) can be estimated as a function of changes in the median
fragility, determined from a median-centered finite element analysis or by other means, from Eq. 8.5.
Taking derivatives, one finds that,

AP[LS] = - k (Amg/mg) P[LS] (8.6)
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With k typically around 2 for most NPP sites in the Eastern US and with most postulated forms of
degradation leading to decreases of less than 20% in median plant-level fragility, as noted above, the
increase in P[LS] determined from Eq. 8.6 would be less than 40%. In the Western US, where k tends to
be somewhat higher (typically about 3), the increase in P[LS] would be less than 60%. Taking into
consideration the fact that the structural component is only one of several components of the plant logic
model (cf Eq. 8.1) and using the results presented above, the change in P[{CD] would be less than AP[LS],
unless the structural component were to be the weakest singleton cutset in the plant logic; in situations
where the structural component appeared in the plant logic as a doubleton, AP[CD] would be substantially
less than AP[LS].

There is, of course, the question of whether increases in core damage frequency of a factor of 2 or
decreases in HCLPF on the order of 10 to 20 percent are significant from a risk management viewpoint.
As a result of structural aging brought on by operating conditions, aggressive environments and natural
phenomena hazards, at some point in its service life the reinforced concrete structure may no longer
strictly conform to the original design requirements of ACI Standards 318 or 349 and Standard Review
Plan 3.8.4. Nevertheless, the structure may still retain sufficient capacity to withstand challenges from
events at or beyond the original prescriptive design basis. This additional margin of safety is due to
several factors: material strengths assumed in design are substantially less than the median strengths;
design is based on the assumption of elastic behavior, which does not account for additional capacity
beyond the elastic range, which is provided by the ductility inherent in properly designed and detailed
structures; conservative assumptions are made regarding structural response and “design-basis” limit
states of performance; and factors of safety are applied indiscriminately. An existing reinforced concrete
structure that has performed well for a service life of 30 to 40 years presents, ipso facto, evidence of a
minimum level of integrity. Even in a deteriorated condition, that reinforced concrete beam, slab, or shear
wall may still satisfy the intent, if not the letter, of the governing Code.

The recently issued Regulatory Guide 1.174 (1998), “An Approach for Using Probabilistic Risk
Assessment in Risk-Informed Decisions on Plant-Specific Changes to the Licensing Basis,” allows the
use of core damage frequency (CDF, or P[CD] in the terminology above) and large early release
frequency (LERF) as an acceptable approach to assessing whether increases in risk are small and
consistent with the Nuclear Regulatory Commission’s Safety Goal Policy Statement. RG 1.174 presents
some guidelines for this assessment. For example, when the calculated increase in P[CD] is in the range
of 10°° to 10”° per reactor-year, changes are considered in the acceptable range provided that the resulting
P[CD] is less than 10 per reactor-year (Section 2.2.4 of RG 1.174; Region II of Figure 3).

Implementation of the guidelines in RG 1.174 in assessing the impact of aging in a nuclear power plant
structure requires, at the minimum, a Level I (or fully coupled) probabilistic safety assessment, in which
the probability P[CD] is determined through the convolution of the plant-level fragility (Egs. 8.1 and 8.2)
with a probabilistic description of the hazard, as represented by Eq. 8.3. Moreover, assessment of LERF
requires an assessment of various accident sequences leading to significant, unmitigated releases from the
containment prior to evacuation of the population proximate to the plant. [Fortuitously, for Zion Unit No.
1, the Boolean expressions describing the logic for CD and LERF are nearly identical, and the point
estimates (means) of these events are both 9.5 x 10 per year (Ellingwood and Song, 1996).] The focus of
the current study (as noted in Section 1) is on fragility modeling procedures for undegraded and degraded
reinforced concrete structural components and systems subjected to earthquakes. Thus, only general
conclusions and inferences regarding the impact of structural aging and degradation on plant risk in the
light of the RG 1.174 Guidelines can be derived from the above risk analysis.

The changes in P[CD] for the postulated states of degradation in Zion Unit No. 1 (noted in the examples
within Section 8.1.1) ranged from 1.5 x 10 (degradation of the auxiliary building shear wall) to
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9.5 x 10 (degradation of the auxiliary building shear wall and pump enclosure roof slab). The baseline
P[CD] is 9.5 x 10°. For other plants with similar baseline mean P[CD] and for typical changes in median
fragility of 20 percent or less, AP[CD] (using Eq. 8.6) would equal 3.9 x 10 for plants in the Eastern US
(k =2) and 5.9 x 10 for plants in the Western US (k = 3). These changes fall within Region II in Figure 3
of RG 1.174, where changes are considered to be “small,” but cumulative impacts must be “tracked.”
Accordingly, changes in median fragility due to degradation of the order indicated above would put the
affected plants in a condition where periodic inspection would be required as a condition of continued
service, but taking the plant off-line for rehabilitation probably would not be required.

8.1.3 Perspectives and Recommendations for In-Service Fragility Assessment

Structural maintenance and repair invariably are costly, can be invasive and disruptive, may actually
cause damage to the structure in some instances, and may not even be feasible in others. A properly
constructed and peer-reviewed fragility model, which is periodically revised based on in-service data and
other information and is a permanent part of the plant documentation, can provide quantitative evidence
that a nominally degraded reinforced concrete structure still can perform its intended function.

The starting point for this assessment must be a benchmark fragility of the structure in the undegraded
condition, which should be developed using methods similar to those described in this study. It is
recommended that the mean fragility (Eq. 5.5) be used for this purpose. All uncertainties should be
evaluated carefully; not all uncertainties are equally significant for risk. Subsequent changes in fragility
due to corrosion, cracking, spalling, or other manifestations of degradation then can be identified clearly,
and the fragility may be updated periodically during the service life of the plant (or during a period of
extended service) following inspection. The fragility analyses of beams and shear walls presented in
Sections 6 and 7 indicated that the deterioration mechanisms considered affected the median structural
capacity, mg, but had a negligible impact on logarithmic standard deviation, Bc. Moreover, minor changes
in B¢ have a negligible impact on limit state probability for seismic events in the Eastern US (cf Eq. 8.5,
et seq). Thus, these periodic revisions to structural fragility could be made by performing only one
(median-centered) nonlinear structural analysis and assuming that B¢ remains unchanged unless a plant
walkdown furnished substantial evidence to the contrary. This would lead to a revised estimate, mg, that
would serve as the anchor point of the revised mean fragility curve and would cause it to simply shift
horizontally. Changes in the HCLPF due to aging would then be estimated from Eq. 5.4 and could be
compared to the review-level event of interest.

The fact that B¢ appears to be relatively unimportant in the structural aging analysis makes this fragility
updating process relatively straightforward. If the HCLPF capacity is estimated from Eq. 5.5 at the 0.015
fractile of the mean fragility, i.e.,

Ry = my ¢2%° 8.7

then the ratio of degraded to undegraded capacity is exactly the ratio of degraded median (or mean) to
undegraded median. As noted above, these medians can be determined from one nonlinear finite element
analysis, in which the engineering parameters all are set equal to their respective median values. As noted
above, changes of p-percent in structural fragility are accompanied by changes of less than p-percent in
core damage fragility or mean probability. Accordingly, it would appear that the degradations of the
magnitudes determined in Sections 6 and 7 likely would not have a substantial impact on plant margin or
risk.

This revised fragility and HCLPF provides a degree of quantitative support for risk-informed decision
making that is not possible with conservative design calculations, but the results still must be interpreted
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with some care. The absolute numbers obtained may be relatively sensitive to various assumptions made
in the analysis. It would, for example, be difficult to attach any statistical significance to differences of 5
to 10 percent in the HCLPF. On the other hand, the rate of change in HCLPF over an extended service
interval may be instructive. Changes of 20 percent or more in HCLPF from the benchmark during a
service period of 20 years certainly would be cause for concern, and might suggest that a more
comprehensive risk assessment be undertaken. Moreover, an increase in the rate of change in HCLPF
would indicate the presence of a degradation mechanism, the effect of which was accelerating in time;
such a finding would warrant a comprehensive investigation of structural integrity.

Fragility analysis provides a structured framework for identifying aging factors that are potentially
significant for continued plant safety, for focusing in-service inspection and repair on a relatively small
number of key structural components and systems, and for arriving at risk-informed decisions regarding
the suitability of a structure for continued service with or without repair. The fragility analysis process
ensures that available information on uncertainties is treated consistently and provides an audit trail for
decisions regarding safety of a facility.

8.2 Degradation Acceptance Limits

Acceptance limits that can form the bases for plant inspections are developed in this section of the report.
It is useful to first summarize the results obtained in the previous sections of the report that form the basis
for the acceptance criteria. '

Changes in component fragility resulting from degradation effects are considered in Section 6 for flexural
members (beams and slabs) and in Section 7 for shear walls. Both flexural and shear limit states (failure
modes) are considered in these analyses. The limit state for flexure was the ultimate capacity of the
member while for the shear wall the limit state was defined as the wall drift exceeding four times the drift
at yield load. The limit state of four times the drift at yield was selected to represent the potential for
damaging equipment and piping systems that may be mounted on or penetrate the wall. The most
significant degradation in reinforced concrete members is found to occur as a result of reinforcement
corrosion and concrete spalling. Damage to concrete sections that would be readily observable during a
visual inspection is found to result in less than a 20% reduction in the member’s fragility for both flexural
members and shear walls. This suggests that acceptance criteria can be established which could be used
during inspections to identify those concrete members which have undergone significant degradation.
This is found to be true for the range of member sizes and material characteristics typically found in
NPPs.

The effect of this 20% reduction in member capacity on increase in plant risk is discussed in Section 8.1.
An existing PRA study for Zion Unit 1 is used to make a qualitative assessment of the effects of this
reduction in capacity on core damage frequency (CDF). It is concluded that a 20% reduction in structural
capacity would not be expected to cause more than a 20% change in HCLPF capacity and the CDF would
rise by less than a factor of 2. This is judged to be a small increase in risk since it is small as compared to
the variability in plant core damage frequencies found in the IPE and IPEEE program (an order of
magnitude).

Extending the results from the Zion plant to other plants, the change in CDF ranges from 3.9 x 107 (for
Eastern US plants) to 5.9 x 107 (for Western US plants) for a baseline CDF of 9.5 x 107 obtained at the
Zion plant. To evaluate the significance of these changes, the guidelines presented in the NRC Regulatory
Guide 1.174 were utilized. These changes fell into Region II in Figure 3, “Acceptance Guidelines for

CDF,” of R.G. 1.174. Changes within Region II are considered to be “small” and cumulative impacts are
to be “tracked.”

216



The manifestation of structural damage associated with the 20% reduction in capacity is large cracks,
staining, and/or major loss of concrete. This damage would be readily observable during an inspection
and forms the basis for the development of acceptance criteria discussed below.

Most reinforced concrete structures contain cracks. It is important during an inspection to distinguish
between cracks that are primarily cosmetic and cracks that are structurally significant or of importance to
aging. Some level of cracking is therefore to be expected and does not imply any degradation of the
component. The recommended degradation acceptance limits are based on levels of degradation that
would have to occur to significantly increase plant risk. These limits correspond to severe levels where
significant degradation has likely occurred. In this context, degradation resulting in more than a 20%
reduction in a component’s capacity has been defined as excessive.

8.2.1 Flexural Members

Acceptance criteria are developed for three cases: loss of steel area and concrete spalling, loss of steel-
area (without concrete spalling), and concrete spalling (without loss of steel area). Additional acceptance
criteria are provided following these three cases to ensure that flexural failure rather than shear failure
would govern. The additional criteria provided to preclude shear failure would apply to each of the three
cases that are presented below.

Loss of Steel Area and Concrete Spalling

The acceptance limits are based on crack sizes associated with a given loss of steel area and loss of
concrete outside of the reinforcement. For flexural members, when the steel area loss is combined with a
total loss of concrete outside of the reinforcement cage, the steel area loss must be less than 20%. The
amount of steel area loss is restricted so that the degradation of the member’s fragility curve is less than
20%.

Experimental data is discussed in Section 3.1.2 relating loss of steel area with crack width. Based on these
data (Alonso, Andrade, Rodriguez, and Diez, 1998), the crack size (w) associated with a given loss of

reinforcing bar radius (A 1) is taken to be:

w=Ar,/300 forc/dy <2
(8.8)
w = 0.3 +(0.7/200) (A 1, -~ 100) for c/dy >2

where, w is in mm
AT, isin pm
¢ is concrete cover
d;, is bar diameter

These equations are used together with Eq. 6.25 to obtain restrictions on the depth of a flexural member
based on observed crack sizes. For a given crack size, Egs. 8.8 are used to determine the rebar radius loss.
Thus radius loss is easily converted to steel area loss. Equation 6.25 is then used to evaluate the member
depth required to restrict the degraded strength to be at least 80% of the undegraded strength. The results
of these calculations are given in Table 8.1 for slabs [19.1 mm (3/4 in.) cover], interior beams [38.1 mm
(1-1/2 in.) cover], and exterior beams [76.2 mm (3 in.) cover]. The depths listed in the tables are

minimum depths required for the given crack size to apply. For example if a slab is reinforced with # 5
bars, the crack width acceptance limit is 0.79 mm (1/32 in.), 1.59 mm (1/16 in.), and 2.38 mm (3/32 in.) if
the slab depth is greater than 15.9 cm (6.25 in.), 21.6 cm (8.5 in.), and 63.5 cm (25 in.) respectively.
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Entries in Table 8.1 containing a star indicate that the depths of the flexural members are beyond the
range commonly found in NPPs.

Loss of Steel Area (Without Concrete Spalling)

Generalization of the beam results presented in Section 6.4 indicates that a 20% loss of steel area (without
concrete spalling) would result in less than a 20% reduction in the member capacity. The same
relationships between crack widths and loss of steel area described above in Egs. 8.8 are used to calculate
the acceptable crack widths. The crack acceptance limits for this case are presented in Table 8.2. In this
case the crack acceptance criteria are not dependent on the depth of the flexural member for depths
normally found in NPPs.

Concrete Spalling (Without Loss of Steel Area)
For the condition of complete concrete spalling outside the reinforcement cage (without loss of steel

area), Section 6.4 concluded that the reduction in member strength is less than 20% for the following
member depths:

Interior slabs >12.7cm (5in.) deep
Interior beams >254cm (101in.) deep
Exterior flexural members >45.7 cm (18 in.) deep

These parameters fall within the range of those found at most plants operating in the U.S.
Criteria to Preclude Shear Failure

The ACI Code provisions are set so that if failure were to occur, flexural failure rather than shear failure
would develop. As discussed in Section 6.4, it is unlikely that the failure mode will change from flexure
to shear as a result of degradation. It is possible, however, that the failure mode can change if there is
corrosion of the shear reinforcement (stirrups). Corrosion of the stirrups will be manifested by stains and
cracks in the flexural member that follow the orientation of the stirrups (perpendicular to the axis of the
beam on the outside surfaces). The crack sizes that would indicate significant loss of steel area are the
same as the cracks discussed above for flexural members. Stirrups are usually # 5 bars or smaller.
Therefore, the acceptance criterion to ensure that shear capacity is not significantly reduced is that crack
widths following the orientation of the stirrups should be less than 3.0 mm (1/8 in.) This shear criterion is
applicable to each of the three flexural cases presented above.

8.2.2 Shear Walls

For shear walls, the combined effect of a 20% loss of steel area and loss of all concrete outside of the
reinforcement cage is found to result in less than a 20% loss of shear wall strength. Therefore, acceptable
crack widths for a shear wall are based on a 20% stecl area loss in combination with a loss of concrete
outside of the reinforcing cage. Using the same relationships between crack widths and loss of steel area
described above for flexural members (Egs. 8.8), the acceptable crack widths are presented in Table 8.3.
The above conclusions are applicable to reinforced concrete shear walls with aspect ratios 0.5 to 2.0 and
reinforcement ratios up to 0.012. These parameters fall within the range of those found at most plants
operating in the U.S.
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8.2.3 Conditions for the Use of Acceptance Limits

The above crack limits apply regardless of the number and orientation of the cracks. If any cracks are
identified which exceed these limits, then corrective actions should be taken which would include
identifying the cause, eliminating the source/cause of the degradation, and repairing the reinforced
concrete member.

It should be noted that although it is difficult to define a precise relationship between loss of steel area
and crack width, the exact numerical values as defined above are not crucial. If crack widths are found to
be greater than these tabulated values, repairs should be made; conversely, if crack widths are less (but
larger than normally encountered for undegraded members), an evaluation must be performed to
determine if indeed a problem exists which will require corrective action. Therefore, in neither case are
cracks ignored; rather, the methodology which addresses them is different. The acceptance limits are not
to be used for design basis calculation, qualification, or disposition but only to provide guidance for
inspection of reinforced concrete members to determine what further actions are warranted when concrete
degradation is encountered. In addition, since the guidance provided herein is based on a probabilistic risk
assessment methodology, the acceptance limits cannot be used for NRC licensing activities such as
license renewal (10 CFR Part 54) which rely on the current licensing basis of nuclear power plants.

The above limits are applicable to benign environments (e.g., not continuously exposed to high humidity,
aggressive chemicals, water/fluids, radiation, etc.). It is expected that repairs would be made prior to
reaching these size cracks or spalling of the concrete cover because further degradation could occurina
relatively short time period.

8.3 Extrapolation of Results to Wind Loads

The extent to which the above conclusions may be applicable to wind loading is considered next. In the
design of NPPs, seismic and wind loadings are not considered to occur simultaneously. For most NPPs,
seismic loading controls and therefore, for these plants the results and conclusions reached in this report
would be applicable to wind loads as well. It should be noted that tornado missile damage is not
considered here and the seismic analyses shed no light on the missile impact loading case. The following
discussion addresses those plants where wind loadings may control over seismic loading.

Seismic and wind loads are similar in that they both require the structural frame to transmit horizontal
shear loads down to the foundation. Reinforced concrete members are subjected to uniform loads

resulting from either seismic induced accelerations or wind-induced pressures. There is a difference in
that the imposed deformations from seismic effects are directly proportional to the seismic accelerations
while the wind pressures are proportional to the square of the velocity. Therefore, the seismic capacity
(expressed in terms of peak acceleration) of a structure that has been degraded by 20% is 80% of the
capacity of the undegraded structure. However, the wind velocity that the degraded structure can
withstand is proportional to the square root of 0.8 which is equal to 89% of the capacity of the undegraded
structure, assuming that the structural response is essentially elastic in nature. Another difference between
the seismic and wind problem lies in the distributions selected to model the problem. The probability
distribution of concrete strength was selected to include the effects of rate of loading which is different

for the two problems. This is expected to have a minor influence on the results. Therefore it is concluded
that the fragility results presented in Sections 6 and 7 are directly applicable to wind loading on the basis
that the wind velocity capacities are reduced in proportion to the square root of the degraded capacity.

The use of the fragility data to extend the conclusions to core damage frequency depends, among other
factors, on the hazard curve for the initiating event (seismic or wind). The discussions of core damage
frequency cannot be extended from seismic to wind since the hazard curves used in this report are based
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on a seismic demand. Therefore for those plants where wind loadings control over seismic loadings, the
results of this study cannot be extended to wind without further evaluation. However, the methodology
developed in this report can be utilized to evaluate this particular concem if it does arise.

8.4 Effects of Degradation on Building Response and Response Spectra

Although not within the scope of this research effort, the effect of degradation on the overall response of
NPP plant structures and on floor response spectra has been a concem. It should be noted that degradation
that occurs in one or several individual members are not expected to significantly affect the overall
response of a structure which typically contains numerous beams, slabs, and walls.

The issue described above has been addressed to some extent in NRC documents, industry standards, and
past studies. The development of floor response spectra is discussed in NRC NUREG-0800 (Standard
Review Plan) which references NRC Regulatory Guide 1.122, Rev. 1. This regulatory guide provides
recommendations for smoothing and broadening floor response spectra to account for uncertainties in the
structural frequencies due to uncertainties in the material properties of the structure and soil, and to
approximations in the modeling techniques.

Industry standards ASCE 4-86 and ASCE 4-98 also provide guidance on this issue. These standards
describe how floor response spectra should be broadened to account for uncertainties in the supporting
structure frequencies and soil-structure interaction analysis. For example, ASCE 4-86 specifies that the
minimum broadening shall be + and - 15% at each frequency in the amplified response region.

The variation in stiffness properties for concrete resulting from cracks is discussed in the ASCE 4-86 and
ASCE 4-98 standards. Section C3.1.3 of ASCE 4-98 references the findings of the ASCE Working Group
on the Stiffness of Concrete Shear Wall Structures of ASCE Dynamic Analysis Committee. The Working
Group reviewed experimental data available in the open literature on large-scale model tests of shear
walls. The results of this review are reported in the ASCE publication “Stiffness of Low Rise Reinforced
Concrete Shear Walls.” The report concluded that the review of experimental data demonstrated that
differences between measured stiffness values and those calculated by common industry methods exist.
Therefore, a consensus on how to calculate the stiffness of low aspect ratio reinforced concrete shear
walls was developed. The recommendation is to use two concrete in-plane stiffness estimates to bound the
effects on in-structure response spectra due to lateral loading. The upper bound stiffness is based on 1.25
X Young’s modulus and shear modulus, and the lower bound stiffness is based on 0.75 X Young’s
modulus and shear modulus.

A research study which provides some insight into the effect of degraded shear wall stiffnesses on seismic
plant risk and seismic design loads is described in NUREG/CR-5407. The report describes the results for
the reevaluation of the seismic risk for three nuclear power plants: Peach Bottom, Zion, and Arkansas
Nuclear One (ANO-1). In the study, shear wall stiffness degradations on the order of 75% and more [for
shear stresses above 1,034 kPA (150 psi)] were considered. Increases in core damage frequencies at (1)
Peach Bottom were 25 to 30%, (2) ANO-1 were 10%, and (3) Zion were essentially unchanged. An
evaluation was also made for deterministic “design-like” structural dynamic calculations with and without
the shear stiffness reductions. The loads typically increased in the range of 10 to 20%.

Although the above address reductions in concrete stiffnesses resulting primarily from concrete cracking
due to loadings or concrete curing, it is believed that the findings would also encompass age-related
cracking as long as the age-related cracking is not significant and as noted earlier occurs in only one or
several isolated members of a building structure.
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Table 8.1
Flexural Members

Probability-Based Crack Acceptance Limits

Slabs (3/4 in. Cover)

Considering Loss of Steel Area and Concrete Spalling

Minimum Siab Depth (in.) Acceptable Crack Width
#4 Reinf #5 Reinf #6 & #7 Reinf > #8 Reinf (in.)
6.5 6.25 6 5.75 1732
12.75 85 7.25 6.5 1/16
* 25 12.75 7.75 3/32
* 77 13 1/8
* * 33 5/32
Interior Beams (1-1/2 in. Cover)
Minimum Beam Depth (in.) Acceptable Crack Width
#4 Reinf #5 & #6 Reinf #7 & #8 Reinf > #9 Reinf (in.)
13 12.25 12 11.5 1/32
20 15.25 13.5 12.75 1/16
* 29 19 145 3/32
* * 39 20 1/8
* * * 35 5/32
Exterior Beams (3 in. Cover)
Minimum Beam Depth (in.) Acceptable Crack Width
#4 Reinf  #5 & #6 Reinf #7 & #8 Reinf > #9 Reinf (in.)
26 24.5 235 23 1732
40 30.5 26.25 25 1/16
58 325 27.5 3/32
* 50.5 335 1/8
* * 47 5/32

*Depth is beyond the range for members commonly found in NPPs
Note: 1 in. =25.4 mm
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Table 8.2

Flexural Members
Probability-Based Crack Acceptance Limits
Without Concrete Spalling

Bar Size Acceptable Crack Width
(mm) @(in.)

#5 or smaller 3.0 1/8
#6 and #7 41 5/32
#8 or larger 4.7 3/16

The crack acceptance limits are applicable to all depths of flexural members.

Table 8.3

Shear Walls
Probability-Based Crack Acceptance Limits
Considering Loss of Steel Area and Concrete Spalling

Bar Size Acceptable Crack Width
(mm) (in.)
#5 or smaller 3.0 1/8
#6 and #7 4.1 5/32
#8 or larger 4.7 3/16
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9 SUMMARY, CONCLUSIONS, AND RECOMMENDATIONS
9.1 Summary

The overall objective of this phase of the research program was to develop analytical methods and
acceptance limits for degradation of NPP reinforced concrete structures based on considerations of
acceptable risk. This was achieved by investigating condition assessment techniques, performing
structural analyses of degraded reinforced concrete components, developing probabilistic models for
parameters affecting structural performance, conducting fragility and risk evaluation of degraded concrete
components, and developing probability-based degradation acceptance limits. In meeting the objective,
background information/data and analytical techniques were developed for use in improving and
developing methods to assess the effects of age-related degradation on the performance of NPP reinforced
concrete structures, including fragility evaluations.

Factors that can lead to age-related degradation of reinforced concrete structures were identified and
described. Corrosion of embedded steel reinforcement and concrete spalling (resulting from steel

corrosion or freeze-thaw effects) were identified as the primary degradation factors of concern. The
relationships between structural performance and concrete cracking and corrosion were investigated. Prior
research on the performance of structures degraded by corrosion was summarized. Methods used to assess
and quantify the effects of age-related degradation were reviewed. Considerations for development of an
in-service inspection program were identified. Finally, criteria were provided for the classification and
assessment of concrete degradation, based primarily on visual indicators.

Analytical techniques were developed for use in performing deterministic analyses of reinforced concrete
structures including the effects of age-related degradation. These methods include closed-form analysis
methods and nonlinear finite element methods. These methods were validated by comparison to alternate
analytical methods and experimental test data on reduced scale specimens. The analyses were performed
for statically indeterminate reinforced concrete flexural members (beams and slabs) and for shear walls.
The relationships between the structural characteristics (strength, stiffness, and ductility) and basic
properties (concrete compressive strength, concrete area, steel reinforcement area, and bond strength)
were investigated.

To evaluate the effect of age-related degradation of reinforced concrete components on plant risk,

fragility analyses were performed for concrete flexural members and shear walls. Fragility curves were
developed first for undegraded members to serve as benchmarks, and subsequently for members subjected
to postulated states of structural degradation. Random variables included in the fragility analysis are
concrete compressive strength, concrete tensile strength, steel yield strength, concrete initial tangent
modulus, loss of steel cross-sectional area, loss of concrete area, component dimensions, and structural
modeling uncertainty. The limit state for flexural members is based on the ultimate capacity in flexure,
while for shear walls the limit state is based on a drift criteria corresponding to four times the yield
deflection. Using the reduction in fragility due to age-related degradation of the reinforced concrete
components, an estimate is made of the effect that degradation has on overall plant risk.

Based on the reduction in fragility curves and the effect on plant risk, degradation acceptance criteria are
developed. These criteria identify the maximum level of degradation that can reasonably be expected to
occur and whether such degradation would affect overall plant risk. The level of degradation (change in
compressive strength, loss of steel area, loss of concrete area, and loss of bond) is related to levels of
degradation that would be observed during a plant walkdown. With this information, individuals who
may observe degradation such as cracks in concrete or spalling of concrete will be able to make an
informed engineering judgement as to the significance of the noted degradation to plant risk.
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9.2 Conclusions
9.2.1 Condition Assessment and Experimental Data

The performance of reinforced concrete structures in NPPs has been good, with the majority of problems
being identified and corrected during construction. However, as these structures age, incidences of
degradation due to environmental stressor effects are likely to increase the potential threat to their
functionality and durability. The most commonly observed form of degradation has been concrete
cracking. The degradation factor of primary concern that can potentially impact structural margins of
reinforced concrete structures is corrosion of steel reinforcement due to carbonation of the concrete or
ingress of chloride ions.

Although it is difficult to define a strong relationship between surface crack width and magnitude of
corrosion, as the crack width increases, the probability of corrosion will increase as well as corrosion
occurrence. Crack widths > 0.15 mm (0.0059 in.) are capable of accelerating the onset of corrosion. As
the number of cracks increases, the corrosion risk also increases. Codes furnish limiting crack widths in
an attempt to provide corrosion protection.

The ratio of concrete cover to reinforcement bar diameter (C/d) 1s a significant corrosion parameter. After
generation of a crack, the increase in crack width shows a linear relationship to corrosion. Corrosion can
reduce the cross-sectional area and ductility of the steel reinforcement. Although test results are limited,
evaluations of the performance of reinforced concrete structures (i.e., beams, walls, and columns) indicate
that in general the performance of these structures improves with occurrence of corrosion, up to the point
of concrete cracking and, depending on conditions, possibly up to the point where spalling occurs
provided adequate development length is maintained. Performance has been noted to improve at corroded
area ratios up to 20% of the surface area (i.¢., bond between concrete and steel reinforcement). The
improvement in performance has been attributed to increases in surface roughness of the corroded
reinforcement (improved mechanical interlock) and confining forces transverse to the reinforcement
developed due to expansion of the corrosion products. As the amount of corrosion increases beyond this
point, however, there is a reduction in stiffness, ductility, and strength of the member. Fatigue behavior
appears to be most affected by corrosion as the steel can fail prematurely or as a breakdown in the bond
between concrete and steel reinforcement occurs. These reductions increase significantly after spalling of
the concrete. Also the mode of failure can be affected by cracks resulting from corrosion. Cracks that
coincide with the loading direction and cracks that are parallel to the reinforcement are most significant
with respect to structural margins. Some data are available from tests in which surface crack widths are
related to loss of rebar section, but it is difficult to establish a precise relationship.

In the performance of structural evaluations using visible indicators for guidance, the critical parameter is
the occurrence of cracks along (parallel to) the steel reinforcement due to corrosion. At this point in all
likelihood there will have been no degradation in structural capacity and sufficient time will remain to
implement a repair strategy. Sufficient structural capacity can still remain at the onset of concrete spalling
due to corrosion, if adequate development length remains. However, the time period from onset of
spalling to loss of structural margins may be relatively short.

Methods for the conduct of condition assessments of reinforced concrete structures are fairly well
established and generally start with a visual examination of the structure's surfaces. Guidance is presented
in Section 4 for use in development of an in-service inspection program for NPP reinforced concrete
structures. Acceptance criteria using both a visual-based as well as a degradation-based approach are
provided. In the visual-based approach these criteria are based on surface observations and presented in
terms of three levels of acceptance: acceptance without further evaluation, acceptance after review, and
additional evaluation required. The degradation-based approach is based on the concept that degradation
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of a component is manifested in physical evidence or signs and that these signs can be categorized or
classified into distinct stages or conditions in accordance with their potential impact on performance.
Concrete cracking and surface defects, and corrosion are addressed by this approach. Establishing a
limiting state at which steel corrosion is sufficient to decrease structural margins based on visual
indicators is difficult and has been attempted without success by several researchers. As discussed below,
surface manifestations (concrete spalling, cracking, and staining) are prominent at levels of degradation
resulting in small increases in plant risk.

9.2.2 Flexural Members

The following conclusions resulted from the deterministic structural evaluation and fragility analysis
performed on degraded and undegraded beams and slabs:

1. The ANSYS program (with concrete finite elements) was used to predict the response of a typical
beam. Very good agreement was found between the ANSYS and analytic solutions for the beam
subjected to static monotonically increasing loads.

2. As aresult of the very good agreement between the finite element solution and the analytical solution,
evaluations of flexural members to age-related degradation can be made using the analytical solution
methodology described in Section 6, provided that actual strengths (rather than design strengths) are
used in the evaluation. In some instances, this may require in-situ sampling of structural concrete or
reinforcement.

3. Degradation mechanisms of corrosion of the reinforcement and concrete spalling resulting from steel
corrosion, freeze-thaw effects, or scouring action were found to be potentially significant depending
on the level of degradation. Degradation of concrete compressive strength is shown to have little
effect on safety margins in flexure, especially since concrete strength generally increases with time
thereby compensating for some of the potential losses in strength or effective area due to degradation.
Degradation of bond strength is likely to have little effect when adequate detailing is provided.

4. The beam fragility curves shift to lower values of strength as the beam properties degrade. For a 20%
loss of steel cross-sectional area (without concrete spalling) or complete spalling of concrete cover
(without loss of steel area) the strength of the degraded beam decreases by less than 20%. These
levels of degradation are manifested by sizable cracks and staining or spalling. For the case of loss of
steel area in combination with complete concrete spalling the loss of steel area must be restricted to
be less than 20% in order to maintain the same level of reduction in fragility curves. It is concluded
that for all of the cases discussed above, damage to the beam would readily be observable before
large strength degradation occurs and that based on the observed damage, it is expected that the beam
would be repaired prior to reaching this level of degradation.

5. The beam fragility curves remain almost parallel to each other as beam properties degrade. This
implies that the effects of degradation on beam strength at any given conditional probability of failure
can be estimated, to first approximation, by considering the impact of degradation on its median
capacity, determined by assuming all parameters take on their median values.

6. Generalization of the beam results indicates that the above conclusions apply to all beams and slabs.
For the condition of complete concrete spalling, the above conclusions are true for the following:
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Interior slabs >127cm (5in) deep
Interior beams >25.4cm (10 1in.) deep
Exterior flexural members >45.7 cm (18 in.) deep

9.2.3 Shear Walls

1.

Predictions obtained with an ANSYS finite element model of a shear wall are compared with
experimental data obtained from a wall with the same design. Both the measured load-deflection and
crack patterns compare well with the predictions obtained with the finite element model. Thus the
ANSYS program can be used to generate reliable estimates of shear wall behavior when the wall is
subjected to a monotonically increasing load.

The behavior of a wall typical of those found in NPPs is studied with an ANSYS finite element model
of the wall. The wall has a 1:1 aspect ratio, a reinforcement ratio equal to 0.003, and is subjected to an
axial load resulting in an axial stress equal to 2.07 MPa (300 psi). Solutions are obtained for the wall
in both the undegraded and degraded states. Two degradation states are considered: loss of steel
cross-sectional area resulting from corrosion and loss of steel cross-sectional area plus concrete
spalling. The mean capacity of the wall is found to decrease by 6% as a result of a 20% loss of steel
area and complete concrete spalling. The capacity of the wall at a 2% probability of failure is found to
decrease by 7%, indicating (as with flexural members above) that the undegraded and degraded
fragility curves are almost parallel. This decrease is not likely to have significant consequences on the
plant risk. It is also associated with rather severe corrosion so that a simple inspection of the plant
would indicate that there were corrosion problems that should be addressed.

The degradation mechanisms that were important for flexural members were also found to be
important for shear walls.

An analytical model (Barda et al., 1977) developed from structural tests of low-rise shear walls is also
used to evaluate the behavior of a wider range of shear walls (with aspect ratios of 0.5, 1, and 2 and
reinforcement ratios of 0.003 and 0.012). This range should include most shear walls in NPPs. The
closed-form model permits a much simpler solution than the ANSYS solution so that it is feasible to
consider a wider range of wall parameters. On the other hand, because of the nature of the supporting
structural tests, only the ultimate load capacity rather than maximum deformation can be identified
from this analytical model. This model yields a reduction of mean strength of 13% (as compared to
6% with ANSYS) and at a 2% probability of failure, the strength of the wall is reduced by 11% (as
compared to 7% with ANSYS). While the results are not directly comparable, since the limit states
are different, solutions obtained from the simpler model represent trends as the wall parameters vary,
and the quantitative predictions made with the model are likely to be conservative as compared with
ANSYS.

The maximum mean strength degradation obtained with the simpler model is found to be 18% for the
case of both loss of steel and concrete spalling. This occurs for the higher reinforcement ratio (0.012)
and the highest aspect ratio (2.0). The degradation at the 2% probability of failure point is found to be
19%, again indicating that the undegraded and degraded fragility curves are nearly parallel,
suggesting (as before) that it may be sufficient to use the median fragility in the degraded condition
(from an evaluation with all parameters at their median values) to anchor the fragility curve. This
level of degradation is associated with readily observable cracking and staining of the concrete. It is
expected that at these levels (20% reduction in strength), the effects of degradation would be quite
severe and would lead to repairs when significant cracking and/or staining is observed. It should be
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noted that the modeling uncertainty associated with the prediction of either deformation or capacity of
short walls in shear is relatively large in comparison to other parameter uncertainties.

9.2.4 Degradation Effects on Plant Risk

The potential impact of the structural degradation on plant level HCLPF and probability of core damage
frequency (CDF) was addressed based on the results of a study of the Zion Plant Unit No. 1. It was shown
that a 10% degradation of median shear wall strength and 10% increase in the logarithmic standard
deviation results in an 8% decrease in HCLPF and 16% increase in CDF. It was also shown that a 35%
reduction in mean strength of a flexural member resulted in a 25% reduction in HCLPF and a 79%
increase in CDF. When shear wall and roof slab degradation were considered simultaneously, the HCLPF
decreased by 29% and CDF increased 100%. Both statistical measures of degradation (decrease in
median; increase in logarithmic standard deviation) are more severe than those found in the current study.
It should also be noted that IPEEE studies found an order of magnitude difference in CDF between plants
so that a 100% increase (factor of 2) should not be considered very significant.

Based on the conclusions reached from the analysis of the Zion plant, inferences on the change in CDF at
other plants were made. To evaluate the significance of the change in CDF, the guidelines presented in
the NRC Regulatory Guide 1.174 were utilized. The changes in CDF fell into Region II in Figure 3,
“Acceptance Guidelines for CDF,” of R.G. 1.174. Changes within Region II are considered to be “small”
and cumulative impacts are to be “tracked.”

9.2.5 Probability-Based Acceptance Limits for Degraded Reinforced Concrete
Components

Based on the results of this study, levels of degradation that are observable and most likely would be
repaired would have to occur to increase plant risk significantly. As an example, a 20% loss of steel cross
sectional area and loss of concrete cover were shown in this study to be acceptable limits for age-related
degradation of reinforced concrete shear walls. Although, the loss of steel area beyond 20% could be
tolerated for its effect on overall plant risk, cracks resulting from such degradation would be very obvious
and it would be expected that the plant would make repairs under these conditions.

The acceptance limits developed in this research can be used during plant inspections to evaluate whether
age-related degradation of the concrete and reinforcement potentially has a significant effect on plant risk.
Since the results of this research were developed using a probabilistic risk assessment methodology, the
acceptance limits may be used to determine whether more detailed inspections and evaluations are
warranted but should not be used as a “design basis” for acceptance of a degraded condition or for NRC
licensing activities such as license renewal (10 CFR Part 54) which rely on the current licensing basis of
NPPs.

Degradation acceptance limits have been developed based on levels of degradation that would have to
occur to significantly increase plant risk. These degradation acceptance limits correspond to a reduction in
fragility of 20%. A detailed description of the acceptance limits and the conditions for their use is
presented in Section 8.2 for degraded reinforced concrete flexural members and shear walls. The
acceptance limits for these concrete members are summarized as follows:
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Flexural Members
Probability-Based Crack Acceptance Limits
Considering Loss of Steel Area and Concrete Spalling

Slabs (3/4 in. Cover)

Minimum Slab Depth (in.) Acceptable Crack Width
#4 Reinf #5Reinf  #6 & #7 Reinf > #8 Reinf (in.)
6.5 6.25 6 5.75 1/32
12.75 85 7.25 6.5 1/16
* 25 12.75 7.75 3/32
77 13 1/8
* 33 5/32

Interior Beams (1-1/2 in. Cover)

Minimum Beam Depth (in.) Acceptable Crack Width
#4 Reinf  #5 & #6 Reinf #7 & #8 Reinf > #9 Reinf (in.)
13 12.25 12 115 1732
20 15.25 13.5 12.75 1/16
29 19 14.5 3/32
* 39 20 1/8
* * 35 5/32

Exterior Beams (3 in. Cover)

Minimum Beam Depth (in.) Acceptable Crack Width
#4 Reinf  #5 & #6 Reinf #7 & #8 Reinf > #9 Reinf (in.)
26 24.5 23.5 23 1/32
40 30.5 26.25 25 1/16
* 58 325 275 3/32
50.5 335 1/8
* 47 5/32

* Depth is beyond the range for members commonly found in NPPs.
Note: 1 in. =254 mm
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Flexural Members
Probability-Based Crack Acceptance Limits

Without Concrete Spalling
Bar Size Acceptable Crack Width
(mm) (in.)
#5 or smaller 3.0 1/8
#6 and #7 41 5/32
#8 or larger 4.7 3/16

The crack acceptance limits are applicable to all depths of flexural members.

Flexural Members
Concrete Spalling Without Loss of Steel Area

Complete concrete spalling outside the reinforcement cage (without loss of steel area)
was found to be acceptable for the following member depths:

Interior slabs >127ecm (51n.) deep
Interior beams >254cm (101in.) deep
Exterior flexural members >45.7cm (18 in.) deep

These parameters fall within the range of those found at most plants operating in the U.S.

Criteria to Preclude Shear Failure in Degraded Flexural Members

To ensure that shear failure would not govern, cracks in degraded flexural members that
follow the orientation of stirrups (perpendicular to the axis of the beam on the outside
surfaces) should be less than 3.0 mm (1/8 in.). This shear criterion is applicable to all
three flexural cases presented above.

Shear Walls
Probability-Based Crack Acceptance Limits
Considering Loss of Steel Area and Concrete Spalling

Bar Size Acceptable Crack Width
(min) (in.)
#5 or smaller 3.0 1/8
#6 and #7 4.1 5/32
#8 or larger 4.7 3/16
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9.3 Recommendations for Possible Future Research

Although the results and conclusions reached in this research effort are considered valid,
recommendations for additional studies are provided which could be used to remove some of the
conservatisms and/or confirm some of the engineering judgements made in the course of the work
reported herein.

9.3.1 Condition Assessment and Experimental Data

Additional research on the performance of degraded concrete structures is available in other countries,
including Japan and Spain, which may better relate the observed degradation state to expected structural
performance (e.g., structural margins). Also, there are activities funded by the Commission of European
Communities that address residual service life of reinforced concrete members (e.g., Project 4062) and
condition assessment and maintenance strategies (e.g., Project 4213). It is recommended that this
information be obtained and evaluated to determine if a more quantitative relationship between
degradation and performance can be developed.

To satisfy the needs of licensing activities such as license renewal (which cannot utilize probability-based
acceptance criteria at this time) it would be useful to develop acceptance criteria for concrete degradation
on a deterministic basis. This deterministically-based acceptance criteria would ensure that the current
licensing basis at NPPs is maintained. The acceptance criteria would specify limits for the significant
types of concrete degradation (e.g., cracking and spalling) that are normally encountered at NPPs.
Quantitative limits for the aging effects would include location, size, orientation, and number of such
defects within a given concrete member.

Although basic approaches are available for conducting condition assessments of reinforced concrete
structures, a systematic approach for use by NRC personnel performing plant inspections does not exist.
The information contained in this report can be used to develop such a guidance document to quickly
assess the potential impact of a degraded condition. Such a document would be most useful if it included
the deterministically-based acceptance criteria (discussed above) and the probability-based acceptance
criteria (already developed in this report). If the deterministically-based criteria were satisfied then no
further evaluation or corrective action would be warranted. If the degradation exceeds the
deterministically-based criteria but less than the probability-based criteria, then further evaluation would
be needed. If the degradation exceeds the probability-based criteria, then corrective actions such as repair
or replacement would be required.

If greater understanding of the degraded condition is desired or needed by the NRC inspector or reviewer,
then a more detailed condition assessment approach could be developed. This information would be in the
form of a recommended procedure and contain guidelines for use in identifying different types of distress,
as well as the cause(s), and documentation of the results. Flow diagrams and charts would be identified
and/or developed to aid in the identification and in-depth assessment of degradation. With advances in
computer hardware technology and software development, a knowledge-based approach could be utilized
that would enable incorporation of pictures, drawings, databases, guides, and computational tools. Some
work has already been done in this area at the National Institute of Standards and Technology (Kaetzel et
al., 1993) and in France (Petre-Lazar et al., 1988).

9.3.2 Analysis of Flexural Members and Shear Walls

Extending the analytical effort in several areas would validate some of the engineering judgements made
in this research effort. These efforts might include:
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1. Cyclic loading (non-dynamic) to capture the hysteretic response of the degraded concrete components
and to assess the impact, if any, on fragility curves. '

2. Dynamic loading rather than static loading to determine whether any significant change in fragility
occurs as a result. This would include the dynamic characteristics of the beam and wall (e.g.,
frequency, dynamic material properties).

3. Additional analysis to demonstrate that, the loss of steel area would govern rather than loss of bond
for properly designed steel reinforcement anchorages..

The beam and wall designs/configurations studied in this research effort were selected to be
representative of most NPPs operating in the U.S. Variations of some important parameters were
investigated. However, some plants may not fall within the range of the design parameters and
configurations studied. Therefore, it is recommended that the analysis be expanded to address a wider
range of parameters. The analysis could include a wider range of aspect ratios and higher reinforcement
ratios. For wall evaluations with aspect ratios greater than 2, moment behavior should be included since it
would have some effect on the limit state. The analysis should also consider walls in which the vertical
and horizontal reinforcement ratios are different; the walls studied in this research effort had equal steel
reinforcement ratios. Additional analyses could be performed to determine the effect of varying design
dimensions. For example, smaller wall thicknesses may be more critical for some plants. Other reinforced
concrete configurations such as deep beams and columns could also be evaluated.

9.3.3 Application of Methodologies to an Actual Plant

To test the methodologies developed in this research program, it is recommended that these methods be
applied to an actual plant. This trial case would also be useful to refine the methods if deemed necessary.
The trial case could consist of selecting a representative nuclear plant, which currently has known cases
of concrete degradation. This could be either an operating plant or a decommissioned plant where
accessibility is easier and limited destructive testing could be performed if needed. Alternatively, it may
be possible to get information from actual known cases of degradation which have occurred in the past at
nuclear power plants. To test the methodologies and results, some or preferably all of the approaches
developed in this research effort could be implemented.

The application of the methodologies could be done in a cost-effective way. For example, the proposed
fragility evaluation methodology could be applied to a representative plant for which a PRA study has
already been performed in the past. Therefore, most of the existing analysis results may be utilized to
calculate the effect of degradation on the reduction in fragilities and the effect on overall plant risk.
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